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ABSTRACT 


All  previously  published  work  on  the  triaxial 
testing  of  soils  has  been  reviewed  and  summarized. 

A  series  of  consolidated-undrained  triaxial 
compression  tests  with  pore  pressure  measurements  and 
auxiliary  consolidation  tests  were  run  on  an.  overconsolidated 
clay-shale  from  north-western  Alberta. 

It  was  found  that: 

1.  The  test  results  varied  widely. 

2.  The  average  value  of  the  consolidated-undrained 
angle  of  shearing  resistance  is  17  degrees. 

3 .  The  average  value  of  the  drained  angle  of 
shearing  resistance  is  22  degrees. 

4.  The  amount  of  disturbance  of  the  soil  structure 
bears  a  definite  relationship  to  the  strain  at  failure  and 
in  particular  to  the  pore  pressures  set  up  during  shear. 

5.  The  inclination  of  the  varves  Influences  the 
swelling  pressures  to  a  great  extent. 

6.  The  initial  confining  pressure  governs  the 
position  of  the  consolidation  curve. 

Recommendations  for  future  research  are  made. 


- 

. 
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Chapter  1 

INTRODUCTION 
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From  the  earliest  times  when  man  first  laid  one 
stone  upon  another  it  was  found  necessary  to  have  information 
regarding  the  strength  of  structural  materials.  The  first 
engineers  had  no  background  of  experience  on  which  to  draw 
and  no  doubt  met  with  more  than  their  share  of  failures,  but 
every  recorded  failure  contributed  to  the  growing  fund  of 
empirical  rules.  Without  these  rules  the  monuments,  temples, 
pyramids,  and  obelisks  of  ancient  time  could  not  possibly 
have  been  built.  The  fact  that  some  of  these  buildings  exist 
today  is  in  one  respect  a  triumph  for  the  men  who  conceived 
them  but  on  the  other  hand  it  reflects  an.  engineering  era 
now  long  extinct.  Not  through  their  own  fault  these  builders 
lacked  the  advantages  provided  by  a  knowledge  of  stress 
analysis  and  strength  of  materials.  Without  these  fundamental 
concepts  civil  engineering  lay  in  a  state  of  dormancy  for 
many  centuries. 

The  Renaissance  provided  the  necessary  impetus 
and  with  the  advent  of  men  like  Newton,  Hooke,  Coulomb, 

Navier,  Rankine,  Mohr,  Darcy,  etc.  the  development  of 
strength  of  materials  and  its  correlation  with  field  per¬ 
formance  took  place  systematically.  During  this  period  of 

development  progress  In  one  branch  of  engineering  was 

* 

conspicuous  by  its  absence.  The  field  in  question  is 

4  6 

adequately  described  by  the  now  universally  accepted  term 
* 


THE  SUBSCRIPTS  APPLY  TO  REFERENCES  CONTAINED  IN  THE  BIBLIOGRAPHY. 
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’’Soil  Mechanics".  Essentially  soil  mechanics  is  the  branch 
of  science  which  deals  with  the  performance  of  soil  as  a 
structural  material.  It  is  ironical  to  think  that  in  the 
twentieth  century  empirical  methods  of  foundation  design,  not 
unlike  the  approach  of  two  thousand  years  ago  were  in  common 
use  while  every  latest  advance  in  theoretical  stress  analysis 

43 

was  employed  in.  the  design  of  the  superstructure. 

At  the  outset  a  clear  understanding  of  the  term 
"soil"  as  implied  in  the  science  of  soil  mechanics  is 
important.  Soil  includes  all  sediments  and  other  uncon¬ 
solidated  accumulations  of  solid  particles  produced  by  the 
mechanical  and  chemical  disintegration  of  rocks.  Organic 
constituents  may  be  present.  "Unconsolidated"  is  used  in 
the  geological  sense  as  opposed  to  the  term  "competent". 

The  solution  of  almost  every  engineering  problem 
can  be  traced  back  to  some  person  who  accepted  a  challenge 
--  a  challenge  to  study  and  devise  a  method  to  master  the 
situation.  In.  spite  of  the  fact  that  soil  is  one  of  the 
oldest  and  probably  the  most  used  of  engineering  materials 
these  challenges  came  relatively  late.  Early  man  was  fully 
aware  of  the  problem.  There  is  the  Biblical  reference  to 
the  man  "who  built  his  house  upon  the  sand".  Like  this 
early  builder  his  contemporary  engineers  pursued  a  policy 
of  avoidance,  which  in  Itself  is  a  sound  engineering  approach 
but  sooner  or  later  man.  would  come  face  to  face  with  the 
problem. 

46 
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It  was  only  during  the  early  canal  and  railroad 
construction  era  that  man.  first  started  to  interfere  with 
natural  slopes  and  construct  embankments  on  a  grand  scale. 
Prior  to  this  slips  and  slides  were  largely  regarded  as 
acts  of  God.  Starting  around  the  middle  of  the  last  century 
the  idea  of  avoiding  difficult  sites  was  destined  forever 
to  remain  an  idealist1 s  dream.  The  deep  rotational  type  of 
movement  common  to  most  failures  in  clay  strata  was  recog¬ 
nized  during  this  period.  Slip  surfaces  in  clay  had  been 
reported  earlier  but  a  Frenchman,  Alexandre  Collin,  was 
apparently  the  first  to  recognize  its  significance.  He  saw 
that  failure  occurred  because  the  forces  of  gravity  exceeded 
the  resisting  forces  provided  by  the  shear  strength  of  the 
clay.  Collin  immediately  proceeded  to  carry  out  an  exper¬ 
imental  investigation  of  this  property.  It  is  no  exaggeration 
to  say  that  when  Collin  first  constructed  his  crude  shear  box 
the  science  of  soil  mechanics  as  we  know  it  today  was  born. 
Simple  though  it  may  seem  the  realisation  that  if  soil  is  to 
be  used  in  an  engineering  manner  as  a  construction  material 
a  knowledge  of  its  shear  strength  must  somehow  be  obtained 
was  an  epic  step  in  the  development  of  the  subject.  Thus 
it  was  only  when  man  attacked,  in  a  determined  way,  the 
problem  of  finding  slhow  strong  is  a  soil”  that  real  progress 
was  made  towards  the  successful  utilization  of  soil  as  a 


material  of  construction. 
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Two  avenues  of  approach  are  open  to  the  engineer 
in.  the  determination  of  soil  strength.  He  may  take  the 
practical  point  of  view  of  analyzing  actual  failures  in  the 
field,  or  going  to  the  other  extreme  he  may  rely  entirely  on 

24 

laboratory  tests  carried  out  on  representative  samples  under 

specified  conditions.  Except  in  unusual  cir cums tanees  neither 

approach  will  yield  results  which  are  completely  satisfactory 

in  themselves.  It  is  most  desirable  that  some  compromise  be 

made  between  the  two  extremes.  As  the  uniformity  of  the  strata 

6 

and  the  quality  of  the  samples  are  relevant  to  the  application 
of  laboratory  results  to  the  solution  of  engineering  problems 
one  must  be  on  guard  against  an  over -enthusiastic  approach  to 
the  role  of  soil  testing.  Fortunately  on  most  jobs  no  more 
than,  a  qualitative  forecast  is  required.  It  is  obvious  that 
the  soils  engineer  must  be  thoroughly  familiar  with  the 
behaviour  of  soil  both  in  the  laboratory  and  In  the  field. 
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Chapter  2 

FUNDAMENTAL  CONCEPTS  EMPLOYED  IN  SOIL  STRENGTH  THEORY 

For  any  combination  of  stresses  at  a  point  in.  a 
stressed  body  three  mutually  perpendicular  planes  passing 
through  the  point  can  be  found  on  which  only  normal  stresses 
exist;  the  normal  stresses  on  these  planes  on  which  no  shearing 
stresses  occur  are  called  principal  stresses.  The  maximum  and 
minimum  normal  stresses  at  a  point  are  always  principal 
stresses.  The  third  principal  stress  has  a  value  between 
the  maximum  and  minimum  values.  The  three  principal  stresses 
may  also  be  equal  to  one  another,  or  the  intermediate  one  may 
equal  either  the  maximum  or  the  minimum.  When  only  one 

L 

principal  stress  exists  at  a  point,  the  stress  is  referred 
to  as  a  uniaxial  or  one -dimensional  stress;  when  two  prin¬ 
cipal  stresses  occur  the  state  of  stress  is  called  biaxial 
stress,  or  two-dimensional  stress,  or  plane  stress,  and  when 
all  three  principal  stresses  exist,  the  state  of  stress  is 

designated  as  triaxial  or  three-dimensional  stress.  Principal 

■& 

stresses  are  denoted  by  <r }  ,  crp  ,  and  c rv  . 

When  the  principal  stresses  of  a  biaxial  stress 
system  at  a  point  are  known,  it  is  often  desirable  to  calculate 
the  normal  and  shear  stress  at  the  point  on  some  plane 
inclined  to  the  principal  axes. 

It  can  be  shown  that  the  normal  stress  on  any  plane 
making  an  angle  9  with  the  plane  on  which  the  principal 
stress  acts  is  equal  to  half  the  sum  of  the  principal  stresses 

STRESS  SYSTEMS  ARE  TREATED  IN  DETAIL  IN  ALL  GOOD  BOOKS  ON  STRENGTH  OF  MATERIALS/ 
E.G.  REFERENCE  28. 
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plus  half  their  difference  multiplied  by  cosine  29  .  The 
shear  stress  on  the  same  plane  is  equal  to  half  the  difference 
of  the  principal  stresses  multiplied  by  sine  29  .  Written 
algebraically 


(T 


x 


°"l  +  <r3  <Ti  .  cr3 

■ - - — —  +  - — -  cos  29 


O'! 


sin  29 


(1) 

(2) 


It  can.  be  seen  that  the  maximum  normal  stress  is  equal  to 
the  major  principal  stress  and  the  maximum  shear  stress  is 
equal  to  half  the  difference  between  the  principal  stresses. 
Furthermore  this  maximum  shearing  stress  occurs  on  a  plane 
midway  between  the  principal  axes. 


The  Mohr  Diagram  --  biaxial  stress  system 

Mohr 1 s  circle  for  two-dimensional  stresses  furnishes 
a  convenient  graphical  representation  of  the  relation  between 
principal  stresses  at  a  point  and  the  shearing  and  normal 
stresses  at  the  same  point  on  planes  inclined  to  the  planes 
of  principal  stresses.  In  other  words  equations  1  and  2 
are  solved  graphically  using  the  Mohr  diagram. 

In  Figure  la  let  ordinates  represent  shearing  stress, 
and  abscissas  normal  stress  on  any  plane  making  an  angle  9 
with  the  direction  of  the  plane  on  which  the  maximum  principal 
stress  acts.  Compression  stresses  are  considered  positive  and 
are  laid  off  to  the  right  of  the  origin.  A  circle  Is  constructed 


0  ( r3  C  B  (T, 


FIGURE  a  (a  ) .  MO  ;r  diagram  --  BIAXIAL,  stress  system. 


FIGURE  I  (b).  MOMR  DIAGRAM  —  TRIAXIAL  STRESS  SYSTEM. 
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having  its  center  on  the  normal  stress  axis  at  a  distance 
1/2 (  (T^  +  0"3)  from  the  origin,  and  having  a  radius  of 

1/2  ( (r-L  -  <r3)  . 

If  a  radius  CA  is  drawn.,  making  an.  angle  29 
with  the  normal  stress  axis,  the  coordinates  of  the  point  A 
on  the  circumference  represent  the  shearing  and  normal  stresses 
existing  on  the  plane  making  an  angle  9  with  the  plane  on 
which  the  maximum  principal  stress  acts. 


_  (To 

AB  =  AC  sin  29  =  sin  29  =  X 


(T-|  +  (To  0~i  _  d*3 

OB  =  OC  +  CB  =  -  . -T ±  +  —  -- - -  cos  29  =  (T 


The  centre  of  Mohr's  circle  is  always  on  the  normal 
stress  axis,  and  therefore  the  circle  can  always  be  constructed 
if  the  ordinates  of  two  points  on  Its  circumference  are  known, 
that  is,  if  the  normal  and  shearing  stresses  on  two  planes 
through  the  point,  whose  inclinations  are  9j_  and  9 2  with 
the  plane  on  which  0~  ,  acts,  are  known. 


The  Mohr  Diagram  --  triaxial  stress  system 

The  Mohr  diagram  may  also  be  used  as  an  aid  in  the 
determination  of  the  normal  and  shear  stress  on  any  plane 
through  an  element  stressed  under  a  triaxial  system.  A 
special  case  exists  when  the  three  principal  stresses  are 
equal  in  magnitude  and  alike  in  sign,.  Such  a  stress  system 
is  referred  to  as  polar -symmetric  or  equiaxial.  In  general 


the  minor  principal  stress  will  be  numerically  smaller  than, 
the  major  principal  stress,  with  the  intermediate  principal 
stress  assuming  any  intermediate  value. 

Figure  lb  represents  a  three-dimensional  state  of 
stress  at  the  point  0  in.  a  stressed  body  in.  which  the  three 
principal  stresses  ( r.  ,  (T^  and  ( are  shown  perpen¬ 

dicular  to  the  faces  of  an.  elemental  cube.  It  may  be  shown 
that  the  stress  coordinates  for  any  plane  through  0  lie  either 
inside  the  shaded  area  in  the  figure  or  on  the  circumference  of 
the  semicircles  whose  diameters  are  AB,  BC,  and  AC. 

The  Classical  Concept  of  Soil  Strength 

All  investigators  of  the  problem  now  concede  that 
the  original  concept  of  soil  strength  was  very  much  over¬ 
simplified,  even  to  the  point  of  being  dangerous.  Even  so 
this  classical  concept  will  be  presented  briefly. 

It  is  a  well  known,  principal  of  mechanics  that  the 
shear  strength  of  a  purely  frictional  material  is  proportional 
to  the  normal  pressure  on  the  plane  of  shear.  The  strength  at 
a  given  point  therefore  varies  with  the  direction  of  the  plane 
on  which  the  shear  stress  acts.  In  cohesive  material  the 
shearing  resistance  is  more  like  that  of  a  solid  material, 
being  the  same  on  all  planes  through  a  given  point  and 
independent  of  the  normal  pressure.  The  law  governing  the 
shear  strength  of  soils,  generally  known  as  Coulomb^  Law 
is  of  the  form 

s  =  c  +  (T  tan  0 


FIGURE  2»  (SRAPHICAL  REPRESENTATION  OF  COULOMs's  LAW, 


The  term  c  is  usually  called  the  apparent  cohesion,  0  is 
known  as  the  angle  of  shearing  resistance,  while  ( T  is  the 
normal  pressure  on  the  shear  surface.  For  frictional  soils 
c  =  0  and  s  =0"tan  0  ,  while  for  saturated  cohesive  soils 
0  =  0  and  s  =  c  .  The  cohesion  is  sometimes  described  as 
pi  tan  0  where  pi  is  known  as  the  intrinsic  pressure.  The 
three  conventional  types  are  shown  diagr  aromatic  ally  in  Figure  2. 
This  concept  is  completely  incognizant  of  some  highly  relevant 
soil  strength  characteristics. 

* 

Mohr  s  Theory  of  Failure 

Coulomb1 s  equation  is  represented  graphically  in 
Figure  3  by  the  straight  line  NM  ,  known  as  the  rupture  line. 

If  a  circle  of  stress  such  as  C  ,  does  not  touch  the  line  NM, 
there  is  no  section  through  the  specimen  for  which  the  failure 
condition  (Coulomb fs  equation)  is  satisfied.  No  stress  circle 
can  intersect  the  rupture  line  because  the  stress  coordinates 
above  the  rupture  line  represent  Impossible  states  of  stress 
for  the  material  under  consideration.  Consequently  the  stress 
circle  at  failure  just  touches  the  rupture  line.  Any  circle 
which  satisfies  this  condition,  is  called  a  circle  of  rupture. 

The  line  of  rupture  can  be  obtained  by  constructing  the 
envelope  of  the  rupture  circles  for  varying  stress  conditions 
at  failure . 

In  formulating  his  theory  of  failure  Mohr  stated: 
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TREATED  IN  DETAIL  IN  ALL  GOOD  BOOKS  ON  STRENGTH  OF  MATERIALS,  E.G.  REFERENCE  28 
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FIGURE  3. 


MOHR  RUPTURE  DIAGRAM, 


1.  The  line  of  rupture  is  independent  of  the 
means  by  which  it  is  obtained,  that  is,  the 
same  line  of  rupture  will  result  from  deter¬ 
minations  of  the  maximum  shearing  stresses 
corresponding  to  various  normal  pressures  or 
from  determinations  of  the  maximum  differences 
between  various  combinations  of  major  and 
minor  principal  stresses. 

2.  The  line  of  rupture  is  independent  of  the 
intermediate  principal  stress. 

In.  brief,  the  theory  may  be  expressed  by  the  state¬ 
ment  that  any  Mohr  circle  within  the  Mohr  envelope  represents 
a  stable  condition,  whereas  any  circle  tangent  to  the  envelope 
represents  a  condition  wherein  failure  threatens  on  the  plane 
represented  by  the  point  of  tangency.  If  the  friction  angle 
is  constant  the  Mohr  envelope  is  a  straight  line.  Actually 
the  friction  angle  decreases  slightly  with  increasing  pressure 
in  some  materials,  and  therefore  the  Mohr  envelope  is  slightly 
curved . 

Neutral  and  Effective  Stresses 

In  general  the  total  normal  stress  acting  on  any 
section  of  soil,  either  in.  the  field  or  in  the  laboratory, 
can  be  estimated  accurately.  It  is  convenient  to  visualize 
this  stress  as  consisting  of  two  components: 

1.  the  stress  in  the  fluid  phase;  and 

2.  the  stress  in  the  solid  phase. 

The  strength  of  a  soil  Is  largely  dependent  upon  the  frictional 
resistance  between  grains  and  as  the  intergranular  stress  is 
the  only  one  active  in  mobilizing  this  friction  it  is  imperative 
that  one  be  able  to  differentiate  between  those  stresses  which 
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are  !,ef fective"  (i.e.  borne  by  the  solid  phase)  and  those  which 
are  "neutral”  (i.e.  borne  by  the  fluid  phase).  As  the  actual 
grain,  to  grain  stress  is  indeterminate  it  is  advantageous  to 
consider  the  average  stress  over  any  area.  Henceforth  the 
term  stress  is  used  exclusively  for  a  force  per  unit  cross- 
sectional  area  through  a  soil  mas^s.  The  utilization  of  an 
average  stress  in  the  solid  phase  does  not  jeopardize  the 
evaluation  of  the  frictional  resistance  of  the  soil. 

The  effect  of  a  change  in.  one  stress  component  on  the 
other  will  now  be  examined. 

If  (T  =  the  total  stress 

=  the  effective  stress 
u  =  the  neutral  or  pore  water  stress 
a  =  the  contact  area  ratio, 

i.e.  the  contact  area  between  grains 
per  unit  cross-sectional  area 
it  can  easily  be  shown  that 

o~  *  =  O'-  (l-a)u  =  (CT-u)  +  au  . 

Thus  a  knowledge  of  the  contact  area  ratio  is  necessary  for  a 
strict  experimental  evaluation  of  the  frictional  resistance, 
and  hence  the  total  shear  strength  of  a  soil.  However  there 
is  evidence  to  substantiate  the  believe  that  the  actual  contact 
area  ratio  between  soil  grains  is  very  small,  the  maximum  value 
probably  not  exceeding , 3%.  Consequently  for  all  practical 
purposes  the  effective  stress  is  equal  to  the  difference 
between  the  total  and  neutral  stresses.  Written  algebraically 

cr’  =  CT -  u  . 
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Plastic  and  Elastic  Equilibrium 

The  state  of  stress  at  every  point  of  a  soil  mass 
can  be  represented  by  a  circle  of  stress,  I.e.  Mohr's  diagram. 
If  none  of  these  circles  of  stress  touches  the  line  of  rupture 
the  mass  is  at  rest  or  in  a  state  of  elastic  equilibrium. 

The  term  '‘elastic  equilibrium"  merely  implies  that  an 
infinitely  small  increase  in  stress  produces  no  more  than 
an.  infinitely  small  increase  in  strain.  Loss  of  proportion¬ 
ality  between,  these  quantities  in  no  way  detracts  from  the 
elastic  equilibrium  state.  If  a  circle  of  stress  touches 
the  line  of  rupture,  an  infinitely  small  Increase  in  the  prin¬ 
cipal  stress  difference  produces  a  steady  increase  in  the 
corresponding  strain.  This  phenomenon  constitutes  plastic 
flow.  Plastic  flow  is  preceded  by  a  state  of  plastic  equilib¬ 
rium.  The  transition  from  the  state  of  plastic  equilibrium  to 
that  of  plastic  flow  represents  the  failure  of  the  mass.  Since 
the  stresses  which  start  the  plastic  flow  are  assumed  to  be 
identical  with  those  required  to  maintain  the  state  of  flow, 
any  further  compression  or  stretching  of  the  soil  has  no 
influence  on  the  state  of  stress.  Failure  by  plastic  flow 
Is  "active"  or  "passive"  depending  whether  the  weight  of  the 
soil  mass  assists  or  resists  movement. 
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Chapter  3 

THE  DEVELOPMENT  OF  STRENGTH  TESTING  EQUIPMENT  * 


Direct  Shear  Apparatus 

The  earliest  and  simplest  method  of  obtaining  a 
value  for  the  shear  strength  of  a  soil  is  by  means  of  the 
direct  shear  test. 

In  the  direct  shear  type  of  apparatus  a  sample 
container  consisting  of  two  separate  parts  called  the  upper 
frame  and  lower  frame  holds  the  sample,  half  of  which  is 
within  each  frame.  Relative  motion  between  the  two  frames 
causes  shear  through  the  soil  at  the  plane  of  separation. 

The  shearing  strength  is  equal  to  the  force  required  to  cause 
the  relative  motion.  Indication  of  the  amount  of  volume 
change  which  occurs  during  the  test  is  obtained  by  a  vertical 
exten some ter  dial  that  furnishes  readings  of  change  of  thick¬ 
ness  of  the  sample.  The  main  advantages  of  the  test  lie  in 
its  simplicity  and  speed  of  operation.  A  machine  in  which 
the  test  is  conducted  by  application  of  the  shearing  dis¬ 
placement  is  said  to  be  of  the  strain  control  type.  If  the 
test  is  conducted  by  application  of  the  shearing  force  the 
machine  is  of  the  stress  control  type. 

In  spite  of  its  simplicity  the  disadvantages 
associated  with  the  direct  shear  test  are  many: 

1.  The  boundary  conditions  produce  irregular  dis¬ 
tribution  of  the  normal  and  shearing  stresses  and  leave  the 
intermediate  principal  stress  unknown. 

* 

FURTHER  DETAILS  ARE  CONTAINED  IN  REFERENCES  22  AND  27 
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2.  In  soils  which  show  a  rapid  drop  in  shearing 
resistance  after  the  maximum  value  is  reached,  no  type  of 
grating  can  produce  a  sufficiently  uniform  distribution  of 
the  shearing  stresses  to  prevent  progressive  failure. 

3.  The  strain  or  volume  changes  during  the  test 
cannot  be  obtained  with  a  sufficient  degree  of  accuracy. 

4.  In  the  case  of  small  normal  loads  the  upper 
frame  will  often  ‘‘ride’5  over  the  sample  and  thereby  make  the 
results  of  the  test  entirely  unreliable. 

5.  Due  to  the  decrease  of  the  effective  cross- 
section  of  the  sample  during  the  test,  the  apparatus  is  not 
suited  for  the  determination  of  the  decrease  of  the  shearing 
resistance  after  failure  and  is  suited  to  a  limited  extent 
only  for  the  investigation  of  the  slow  plastic  flow  before 
failure . 

Rotary  Shear  Apparatus 

The  rotary  shear  apparatus  is  another  type  of 
direct  shear  apparatus.  The  sample  has  the  form  of  a  hollow 
cylinder  and  is  confined  between  two  cover  plates  and  an 
inner  and  outer  cylinder,  one  of  which  is  rotated.  The 
normal  external  load  is  radial  and  is  transmitted  through 
one  of  the  cylinders,  which  is  divided  into  segments  in  such 
a  manner  that  it  can  follow  the  changes  in  wall  thickness  of 
the  sample  during  consolidation.  The  sample  is  not  subjected 
to  torsion  but  rather  to  simple  shear  as  in  the  direct  shear 
apparatus . 

The  principal  advantages  of  this  type  of  apparatus 
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are  that  the  shearing  stresses  are  much  more  uniformly 
distributed  than  in  the  direct  shear  apparatus  and  that  the 
cross-section  of  the  sample  does  not  change  materially 
during  the  test.  The  sample  can,  therefore,  be  subjected  to 
any  desired  shear  displacement  and  the  apparatus  is  well 
suited  for  investigation  of  the  decrease  in  shearing  resis¬ 
tance  after  failure. 

The  principal  disadvantages  are  the  complicated 
construction  of  the  apparatus  and  the  difficulties  in 
preparation  and  placement  of  undisturbed  cylindrical  samples 
and  in.  transmission  of  the  shearing  load  thereto  without 
causing  disturbance  of  the  soil  structure.  The  apparatus  is, 
therefore,  primarily  suited  for  tests  on  remolded  soils. 

Torsion  Shear  Apparatus 

Torsion  shear  tests  are  made  on  cylindrical  samples 
with  either  a  solid  or  ring  shaped  cross-section.  In  both 
cases  the  principal  advantage  of  this  type  of  test  Is  that 
the  cross-section  of  the  sample  does  not  change  during  the 
tests  and  that  any  desired  angular  displacement  can  be  produced. 

In  torsion  shear  tests  on  solid  cylindrical  samples, 
the  shearing  stresses  and  strains  vary  from  zero  at  the  centre 
to  a  maximum  at  the  outer  surface  of  the  sample.  Since  soils 
may  undergo  considerable  volume  changes  when  subjected  to 
pure  shear,  the  unit  volume  changes  will  also  increase  from 
the  centre  to  the  outer  edge,  thereby  causing  a  nonuniform 
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and  unknown,  distribution  of  the  normal  stress  on  the  plane 
of  failure.  Furthermore  a  tendency  for  the  soil  to  flow  in 
a  radial  direction  is  produced.  Also  a  concentration  of 
shearing  stresses  will  take  place  in.  the  soil  close  to  the 
edges  of  the  rings  and  may  exert  considerable  influence  on 
the  test  results  because  of  its  large  moment  arm. 

In  an.  effort  to  overcome  some  of  these  disadvantages, 
in  particular  the  fact  that  shear  stresses  and  volume  changes 
decrease  from  zero  at  the  centre  to  a  maximum  at  the  outer 
edge  in  torsion  shear  tests  on  solid  cylindrical  samples, 
various  types  of  ring  shear  apparatuses  have  been  developed. 
Those  developed  by  Hvorslev,  Tiedemann,  and  Haefeli  have  seen 
extensive  use  and  at  one  time  were  the  best  available  for  shear 

strength  testing.  The  same  disadvantages  apply  also  to  ring 

22 

shaped  samples  but  to  a  lesser  degree. 

It  is  important  to  differentiate  between  the 
mechanics  of  failure  in  rotary  and  torsion  shear.  In  the 
former  failure  is  induced  by  rotating  an,  inner  cylinder  with 
respect  to  an.  outer  one  while  in  the  latter,  one  end  disc  is 
rotated  with  respect  to  the  other.  Obviously  rotary  shear 
tests  can  only  be  run  on  hollow  samples. 

The  Triaxial  Apparatus' 

Very  little  progress  was  made  in  the  understanding 
of  soil  behaviour  until  it  was  realized  that  shear  strength 
was  inescapably  related  to  the  water  content  at  failure. 

50 

Once  this  was  accepted  the  most  fundamental  shortcoming  of 
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A  COMPREHENSIVE  DESCRIPTION  OF  THE  TRIAXIAL.  APPARATUS  IS  CONTAINED  IN 
REFERENCE  6 
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the  test  apparatuses  available  to  the  soils  engineer  was 
immediately  apparent.  Without  exception  they  all  lacked 
facilities  whereby  the  drainage  conditions  could  be  accurately 
controlled.  This  requirement  led  to  the  adoption  of  the 
triaxial  test.  It  is  interesting  to  note  that  the  triaxial 
apparatus  was  developed  by  Casagrande  at  Harvard  University 
for  the  primary  purpose  of  critical  density  research  on  sands 
following  the  liquefaction  of  a  portion  of  the  hydraulic  fill 
at  Fort  Peck  dam.  At  that  time  the  attractiveness  of  the 
apparatus  lay  in  its  ability  to  record  volume  changes  through¬ 
out  the  test.  Since  then  the  triaxial  apparatus  has  practically 
superseded  all  other  devices  for  determining  the  shearing 
strength  of  soils5  though  nowadays  Its  most  outstanding 
attribute,  at  least  in,  the  case  of  cohesive  soils,  lies  in 
the  exact  determinancy  of  the  drainage  conditions. 


Deviator  Stress 


Figure  4 
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The  essential  details  of  the  triaxial  compression 
test  are  illustrated  in  Figure  4.  This  figure  represents  a 
section  through  a  vertical  cylindrical  specimen.  The  top 
surface  of  the  specimen  is  covered  with  a  metal  disc  and 
its  base  rests  on  a  porous  stone  which  communicates  with 
an  outlet  valve  V  .  The  outer  surface  of  the  specimen  and 
of  the  porous  stone  is  covered  with  an.  impermeable  membrane. 

The  specimen  is  enclosed  in  a  cell,  the  pressure  in  which 
can  be  accurately  controlled.  The  external  pressure,  usually 
hydrostatic,  exerted  on  the  watertight  membrane  can  be  supple¬ 
mented  by  an  axial  (deviator)  pressure  applied  at  the  top.  In 
the  most  common  type  of  test,  failure  is  brought  about  by 
increasing  the  axial  load.  A  drainage  connection  may  also  be 
installed  at  the  top  of  the  sample  in  addition  to  the  one  at 
the  bottom.  The  scope  of  the  test  has  been  increased  enormous 1 
by  the  development  of  modern  techniques  whereby  the  pressure  in 
the  pore  water  can  be  determined  during  a  test. 

6  ,  38 
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Chapter  4 
THE  TRIAXIAL  TEST 


Generally  the  application  of  the  all-round  pressure 
and  of  the  deviator  stress  form  two  separate  stages  of  the 
test;  tests  are  therefore  classified  according  to  the  conditions 
of  drainage  obtaining  during  each  stage: 

1.  Undrained  tests.  In  the  undrained  test  no 
drainage  is  permitted  either  during  the  application  of  the 
all-round  stress  or  the  deviator  stress. 

2.  Drained  tests.  In  the  drained  test  the  sample 
is  permitted  to  consolidate  under  the  all-round  stress.  The 
deviator  stress  is  applied  in  such  a  manner  that  the  total 
stresses  are  at  all  times  borne  by  the  soil  skeleton. 

3.  Consolidated -undrained  tests.  In  this  type  of 
test  the  sample  is  permitted  to  consolidate  under  the  all¬ 
round  stress.  No  drainage  is  permitted  during  the  application 
of  the  deviator  stress. 

In  the  following  analyses  it  is  necessary  to  picture 
a  saturated  soil  as  a  two-phase  system  consisting  of  a 
relatively  highly  compressible  structure  of  mineral  grains 
and  water  completely  filling  the  soil  structure.  Furthermore 
the  compressible  skeleton  of  soil  particles  Is  assumed  to 
behave  as  an.  elastic  isotropic  material  and  the  water  in  the 
pore  space  shows  a  linear  relationship  between  volume  change 
and  stress.  In  analysing  the  stresses  which  take  place  during 
a  triaxial  test  only  the  changes  in  stress  that  take  place 

during  the  test  will  be  considered.  The  stresses,  total, 
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effective  and  neutral  which  exist  in  the  sample  prior  to 
testing  are  assumed  to  be  zero.  It  is  fully  appreciated 
that  large  negative  values  of  pore  pressure  and  equal  values 
of  positive  effective  stress  can  exist  in  a  soil  sample. 

The  Undrained  Test 

In  the  first  stage  of  an  un drained  test  the  cell 
pressure  is  increased  by  A  0“ 3  .  Assuming  no  volume  changes 
in  either  phase  the  increase  in  total  pressure  will  be  borne 
entirely  by  the  pore  water  resulting  in  an.  increase  in  pore 
water  pressure  of  A(F 3  and  an  increase  in  effective  stress 
of  zero.  However  due  to  the  compressibilities  of  the  soil 
grains  and  the  water  a  volume  change  of  -^y  is  associated 
with  the  application  of  this  all-round  pressure.  Without 
appreciable  error  the  compressibilities  of  the  soil  grains 
themselves  can  be  assumed  equal  to  zero.  When  a  volume  change 
is  assumed  to  take  place  the  increase  in  pore  pressure  is  no 
longer  equal  to  the  applied  cell  pressure  and  the  Increase  in 
effective  stress  assumes  a  positive  value.  Let  these  quantities 

*  1 

be  A  Ua  and  (ACT  3  )a  respectively.  The  change  in  volume 
of  the  soil  sample  may  then  be  written 

-(4Vw)a  =  vw  Cw  40/ . (3) 

The  volume  change  in  the  soil  structure  associated  with  an. 

t 

effective  equiaxial  stress  (  ACTZ  )a  is 

-(4Vc)a  =  Vc  Cc  (  A(T 3')a* * . (4) 

*  "  ‘  '  “ 

THE  SUBSCRIPTS  9,  W,  AND  C  REFER  TO  THE  ALL-ROUND  STRESS/  THE  FLUID  PHASE/ 

AND  THE  SOLID  PHASE  RESPECTIVELY.  C  DENOTES  THE  COMPRESSIBILITY  [  (|-2|i)3/e]  . 

Cc  IS  NOT  TO  BE  CONFUSED  WITH  THE  COMPRESSIVE  INDEX. 


But  the  change  in  volume  of  the  water  phase  is  equal  to  the 
change  in  volume  of  the  voids  which  in  turn  is  equal  to  the 
change  in  volume  of  the  soil  structure,  the  compressibility 
of  the  soil  grains  being  taken  as  zero.  Thus  it  follows  that 
(AVw)a  and  (AVc)o  are  equal  to  one  another. 

vw  Cw  4Ua  =  Vc  Cc  (  A(r 3')a  . (5) 

The  sequence  of  events  leading  to  this  equation  may  be 
visualized  as  follows: 

1.  The  increase  in  cell  pressure  is  transmitted 
entirely  to  the  pore  water. 

2.  A  volume  decrease  of  the  water  phase  results. 

3 .  This  is  accompanied  by  an.  equal  volume  decrease 
of  the  soil  skeleton. 

4.  An  increase  in  effective  stress  is  associated 
with  this  volume  decrease . 

5.  The  increase  in  effective  stress  is  accompanied 

by  a  simultaneous  decrease  of  equal  magnitude  in  the  pore  water. 

A  similar  line  of  reasoning  may  be  followed  for  the 
second  stage  of  the  test  but  the  analysis  is  more  difficult 
as  the  deviator  stress  constitutes  an  uniaxial  stress  system. 

The  volume  change  in  the  pore  water  as  a  result  of 

* 

the  pore  pressure  change  A  is 

~(AVw)d  =  (vw  -  Vw  C„  AUa)  Cw  AUd 

2 

=  Vw  Cw  AUd  as  Cw  is  negligible. 
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The  volume  change  in  the  soil  skeleton  as  a  result  of 
effective  principal  stress  changes  of  (  ACT-^  and 
(  ^0~3')d  is 

■«Vd  ■  ["o'  Vc  [<.Ar1')d  *  2(4<T3') 

'  ''c%[^'rl')d  +  2(ar3')d] 

2 

as  Gc  is  negligible. 


As  before  these  two  volume  changes  may  be  equated  to  one 
another 


v  c  r  *  1  i 

v»  c.  ^"<i  --V  [<"■,.  >d  +  2<ar3  >dj  ■■ 

- (6) 

If 

AU  +  AU,  =  AU 
a  a 

(  A(T3')a  +  (  A(T  1'>d  =  dffq' 

(  A(r3')a  +  (  A£r3')d  =  A(T3  . (7) 

Then  adding  equations  (5)  and  (6) 

Vw  Cw  4U  =  Vc  (  A(Ti '  +  2  A(T3') 

But  the  initial  volume  of  the  soil  skeleton  Vc  is  equal  to 
the  initial  volume  V  of  the  soil  sample  and  the  initial 
volume  of  the  pore  water  Vw  is  equal  to  nV  . 

C  ,  t 

nV  Cw  AV  =  V  (  A(T  +2  A(T  )  . (8) 

As  (  AO”  o  * )  =  A0~  o  “  AU  ,  equation  (5)  may  be  altered 

-j  <&  o  a 
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n  DENOTES  POROSITY. 
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to  read 


4Ua  = 


A(T- 


1  + 


nCw 


B  AT. 


(9) 


For  saturated  soils  B  approaches  unity  since  the  ratio  of 
the  compressibilities  for  the  water  and  the  soil  skeleton  is 
very  large. 

Simplifying  equation.  (6)  and  rearranging  terms 


*ud  =  -^c-  i(  A0-ir*r3) 
1  +  — ~ 


=  B  1  (  A(T1  -  A(T3)  . (10) 

3 

From  equation  (8)  the  total  increase  in  pore  pressure  is 
found  to  be 

=  B  [a<t3  +  |  (  A <r1  -  A<T  )] . Clin) 


The  parameter  B  has  been  found  experimentally  to  equal 

unity  for  saturated  soils.  However  the  coefficient  A  in 

3 

equation  (10)  is  not  always  realized  in  the  laboratory  as  in 
general  soils  do  not  behave  according  to  the  elastic  theory. 

A  second  parameter  A  is  inserted  and  equation  (Ua)  now  reads 

AU  =  B  [ACT,  +  A(  ACT-,  -  A0~3 )]  . (11b) 

Equation  (lib)  may  be  written  in  many  alternate  forms,  one  of 
the  most  significant  being 


au  =  b[|  (ao- +  2 act 3)  +  (A<rx  -A(r3)|...(iic) 


DETAILED  DISCUSSIONS  ON  THE  PORE  PRESSURE  PARAMETERS  A  AND  B  ARE  CONTAINED 
IN  REFERENCES  4/  6,  AND  33 
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This  equation  shows  that  if  the  soil  behaves  in  accordance 
with  elastic  theory  (A  =  ~)  the  pore  pressure  depends  solely 
on  the  mean  principal  stress.  When  A  does  not  equal  the 
pure  shear  stress  has  a  marked  effect  on  the  pore  pressures. 

The  determination  of  the  pore  pressure  coefficients 
A  and  B  equation  (lib)  is  now  standard  procedure  in  a 
well  equipped  soils  laboratory.  The  results  may  be  used  in 
the  solution  of  engineering  problems  without  a  knowledge  of 
their  theoretical  value.  A  different  approach  is  taken  if 

4/5 

allowance  is  made  for  the  fact  that  the  behaviour  of  a  soil 
is  in  general,  appreciably  different  for  the  three  cases  of 
compression.,  expansion,  and  re  compress  ion  .*  This  difference 
may  be  expressed  quantitatively  in  terms  of  a  compressibility 
ratio  A  and  a  recompressibility  ratio  Ar.  These  parameters 
are  defined  by  the  equations 

*  =  Cs/Cc 

Ar  =  Cs/Ccr 

where  Cc  is  the  compressibility,  Cg  is  the  expansibility, 
and  Ccr  is  the  recompressibility.  For  each  of  these  quan¬ 
tities  Young’s  modulus  and  Poisson’s  ratio  will  bear  the 
appropriate  subscript.  The  value  of  Cp  can  be  assumed 
constant  but  there  is  reason  to  believe  that  at  very  high 
pressures,  in  the  order  of  several  hundred  tons  per  square 
foot,  a  reduction  in  value  takes  place.  In  the  particular 
case  of  sensitive  soils  the  compressibility  of  the  soil 
skeleton  is  very  large  as  the  structure  is  breaking  down 


* 


THEORETICAL.  ANALYSES  WHICH  TAKE  THESE  DIFFERENCES  INTO  ACCOUNT  ARE 
PRESENTED  IN  REFERENCES  |7  AND  32 
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but  at  slightly  higher  pressures  a  constant  value  may  be 
assumed.  Cs  ,  the  expansibility,  may  vary  considerable. 

For  stresses  just  below  the  pre consolidation  stress  its  value 
may  be  little  in  excess  of  zero  while  under  very  light  stresses 
it  may  exceed  Cc  ,  particularly  in  the  case  of  bentonic  soils 
with  access  to  water.  However  an  upper  limit  of  unity  will 
be  taken  for  A  since  the  swelling  action  of  these  fine¬ 
grained  soils  is  due  to  the  absorption  of  water  into  the 
molecular  structure  and  not  due  to  elastic  recovery  of  the 
soil  skeleton.  Ccr  may  also  assume  a  value  close  to  zero 
immediately  upon  commencement  of  the  recompression  stage. 

Its  value  increases  with  increasing  pressure  until  somewhere 
above  the  preconsolidation  stress  it  assumes  Its  maximum  value 
of  Cc  .  For  the  purpose  of  this  analysis  the  values  of  CQ  , 
Cs  ,  and  Ccr  will  be  assumed  constant  for  any  stress  range. 
Furthermore  the  compressibilities  of  the  soil  grains  and  water 
will  be  taken  to  be  negligible. 

Assuming  that  at  any  stage  during  the  test  the  pore 
pressure  is  equal  to  u  ,  then  the  changes  in  major  and  minor 
principal  effective  stresses  may  be  written 
ACT  i  =  A(T  1  -  u 
ACT^  =  -  u  =  -(u  -  A  (To) 

i 

A (To  will  be  shown,  to  be  a  decrease  in  pressure.  The  changes 
in  effective  stress  must  be  accompanied  by  deformations  of  the 
soil  structure  even  though  a  constant  void  volume  Is  assumed. 
The  strains  may  be  written 


i 


...  i,  ••• 


:  i  .U. 


e1  -  ^--U.  +  2  JU  U  "^3 

1  s  a, 


/-i  ii  \  ^  “ACT^  .1  40“,  -  u 

e3  =  -(1  -/Js) _ 3  -/lc  _ 1_ _ 

F  F 


Consequently  the  volume  change  per  unit  volume  is 


e i  +  2e0  =  — 


(ACT,  -  u)  -  2(u  -  ACT  )  -£ 
3  11  3  C 


C  J 


where 


3(1  -  2yUc) 


and  C 


3(1  -  2yUs) 


c 

But  since  the  overall  volume  change  is  approximately  equal  to 
zero  and  since  the  compressibility  of  the  soil  skeleton  with 
respect  to  an  increase  in  effective  pressure  is  not  zero 
then 

(  ACTJ  -  u)  -  2(u  -  ao~3)  A  =0 


u  = 


A(T1  +  2  A  ACT, 


1  4-  2  A 

Thus  the  pore  water  pressure  at  any  stage  during  the  test  may 

be  evaluated  if  A  is  known.  For  soft  clays  A  approaches 

zero,  since  the  compressibility  is  far  greater  than  the 

expansibility.  The  condition  (T  0  <  u  <  (T  is  therefore 

3  1 

satisfied. 

The  increase  in  the  effective  principal  stresses, 

I  ! 

A  (J~  i  and  A(T  ^  ,  in  a  saturated  soil  sample  subjected 

to  changes  in  total  stresses  of  A  (T  -j_  and  ZUT  ^  are 
therefore 


i< 


i 


t 


t 


. 


r>  o 

jU 


ATl  '  =  (  A(T1  -  4r3) 


2  A 


1  +  2  A 


4<r 


1  A 0~ ^  _  dCTg 


1  +  2  A 

As  the  compressibility  ratio  A  is  unlikely  to  exceed  a 
value  of  0.5,  then  the  practical  limits  of  increase  in.  the 
effective  principal  stresses  are 


A  -  Q 


A  -  0.5 


A(T,  '  =  0 

A(T  '  =  -(  A(T,  -  A(T,) 

3  1  3 

A( r/  =  1/2 (  A(T\  -  zKT3) 

2\(r3 1  =  -1/2(4(T  2  -  ZHT3) 


According  to  this  analysis  the  effective  principal 
stresses  remain  unaltered  during  the  application,  of  the  cell 
pressure  A(TC  . 

If  no  volume  change  is  assumed  to  take  place  during 
an.  undrained  test  and  the  value  of  the  contact  area  ratio  is 
taken  as  zero,  then  the  effective  stress  will  be  the  same  in. 
all  tests  irrespective  of  the  cell  pressure  at  which  the  test 
was  started.  The  total  stress  circles  are  all  of  equal 
diameter  (2c)  ,  having  as  envelope  a  straight  line  parallel 
to  the  normal  stress  axis.  Any  deviations  from  the  (0  =  0) 

30 

result  are  due  primarily  to  a  departure  from  the  constant 
volume  condition  usually  assumed  in  undrained  tests.  The 
increase  in  the  angle  of  shearing  resistance  due  to  the 
compressibility  of  the  pore  water  is  probably  less  than 


.  •.  :  . 
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one  degree.  This  value  is  well  within  the  limits  of 
experimental  error.  There  is  ample  experimental  data  to 
confirm  the  statement  that  the  angle  of  shearing  resistance 
for  saturated  soils  under  the  cell  pressures  used  in  normal 
testing  practice  is  equal  to  zero. 

15,23 

Occasionally  large  values  for  the  angle  of  undrained 

shearing  resistance  which  could  not  be  accounted  for  by  the 

compressibility  of  the  pore  water  alone  have  been  encountered. 

Consequently  additional  causes  of  volume  changes  must  be  sought. 

The  most  obvious  cause  of  additional  volume  change  is  a  slight 

departure  from  the  assumed  condition  of  complete  saturation 

or  the  accidental  inclusion  of  entrapped  air  in  the  testing 

apparatus.  A  second  cause,  less  obvious  than  the  first,  is 

that  negative  pore  pressures  may  be  set  up  in  the  pore  water 

during  shear.  These  may  be  of  sufficient  magnitude  to  cause 

cavitation,  that  is  to  say  the  formation  of  voids  filled  with 

* 

water  vapor  and  gas  freed  from  solution. 

Incomplete  Saturation 

The  effect  of  even  a  small  volume  of  air  is  to 
alter  radically  the  compressibility  of  the  fluid  (water  and 
air)  phase.  A  theoretical  analysis  is  further  complicated 
by  the  fact  that  some  air  goes  into  solution  when  the 
external  stresses  are  applied. 

By  a  combination  of  Henry1 s  and  Boyle 1 s  law  we 
get  ?5that  the  volume  of  gas  that  will  dissolve  in  a  given 

volume  of  liquid  is  the  same  at  all  pressures11.  The  following 
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THE  EFFECT  OF  ENTRAPPED  AIR  AND  THE  PHENOMENON  OF  CAVITATION  ARE  DISCUSSED 
IN  DETAIL  IN  REFERENCE  I 
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notation  is  used: 


Vv  =  the  volume  of  the  voids 
lOOx  =  the  percentage  of  free  air  in  the  voids 
when,  the  sample  is  unconfined 
PQ  =  the  initial  absolute  pressure  of  the  air 

in  the  voids  when  the  sample  is  unconfined 
H  =  Henry 1 s  coefficient  of  solubility 

(approximately  0.197  ml.  of  air  per  ml.  of 
water,  at  room  temperature) 

Then  the  volume  of  free  air  in  the  unconfined 
sample  is  xVv  while  the  volume  of  dissolved  air  is 
(1  -  x)  VvH  .  The  volume  of  free  air  at  a  new  absolute 
pressure  P  is 

V  =  [xVv  +  (1  -  x)  VvJi]  1°  -  (1  -  x)  VvH  . (12) 

If  the  initial  compressibility  of  the  fluid  phase  with 
reference  to  its  initial  volume  is 

c  =  i_  dv 

Vv  dp 

where  dV  is  the  change  in  volume  of  the  free  air  in.  the 
pressure  range  P  -  PQ 

then.  C  =  £x  +  (1  -  x)  H  J  1/p 

Even  when  the  degree  of  saturation  Is  quite  large 
(say  99%)  the  value  of  C  In  the  above  equation.  Is  large 
enough  to  render  the  compressibility  of  the  water  phase 
insignificant.  However,  as  more  and  more  air  goes  into 
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solution  the  compressibility  of  the  fluid  phase  decreases 
and  eventually  reaches  a  value  of  when  a  state  of  com¬ 

plete  saturation,  exists.  From  equation  (12)  it  is  seen  that 
when  the  volume  of  free  air  is  equal  to  zero 

P/P  =  1  +  _ _ i -  .  In  other  words  the  increase  in  pore 

°  (1  -  x)H 

pressure  necessary  for  complete  saturation  is  equal  to 

P„  „  .  .x. _  • 

°  (1  -  x) H 


Using  equation  (  9  )  and  assuming  that  C  is  large 


compared  with  ,  it  is  found  that  the  limiting  increase  in 

cell  pressure  (  (T  )  within  which  this  additional  compre- 

u  “ 

sibility  is  operative  is  given  as 

X  P  r» 


=• 


(1  -  x)H 


/i  nCw  X 
(1  + - ; 


Cavitation 

The  effect  of  excessive  negative  pore  pressure  is 
most  easily  understood  by  examining  the  changes  in  pore  water 
pressure  which  take  place  during  shear. 

In  a  dilatant  soil  the  pore  pressure  normally 
undergoes  a  slight  increase  at  very  small  strains  and 
then  decreases  as  the  soil  skeleton  tends  to  dilate.  This 
decrease  may  terminate  at  a  certain  strain  controlled  by  the 
compressibility  of  the  soil  skeleton.  If  such  is  the  case 
the  strength  is  then  dependent  upon  the  soil  skeleton  and 
independent  within  the  limits  of  practical  accuracy  of  the 
cell  pressure.  Alternatively  the  drop  in  pore  pressure 
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may  be  sufficient  to  produce  large  negative  values  and  a 
point  will  then  be  reached  at  which  bubbles  of  water  vapor 
and  gas  will  appear.  If  ut  is  the  limiting  pore  pressure 
then  the  maximum  value  of  (T  3 1  is  0”.  -  u^_  .  For  a  purely 
frictional  material  the  deviator  stress  at  failure  is  given 
by  the  relation 

1/2  c rd  =  (  ay  +  1/2  c jy  sin  0e 

sin  0e  (To* 

1  -  sin  0e 
sin  0e  (  0"3  -  ut) 

1  -  sin  0e 

Thus  a  departure  from  the  fully  saturated  condition  due  to 
cavitation  leads  to  the  measurement  of  an  angle  of  undrained 
shearing  resistance  equal  to  0e  ,  the  angle  of  true  internal 
friction.  The  value  of  ut  does  not  influence  the  angle  of 
shearing  resistance  provided  that  It  remains  constant  for  a 
given  series  of  tests.  The  angle  remains  constant  until  it 
reaches  a  sharp  transition  to  the  (0  =  0)  condition. 

Early  investigators  failed  to  appreciate  this  point 
and  consequently  concluded  that  dilatant  soils  do  not  behave 
in  accordance  with  the  generally  accepted  concept  of  shear 
strength. 

The  phenomenon  of  cavitation  can  be  obviated  in. 
the  laboratory  by  employing  a  back  pressure  in  the  pore  water. 
In  this  case  the  f?effectiven  cell  pressure  is  the  total  cell 
pressure  minus  the  back  pore  pressure. 
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The  Drained  Test 


In  the  drained  test  the  stresses  are  wholly  effec¬ 
tive  at  all  times.  The  sample  is  first  consolidated  under 
a  cell  pressure  (T  ~  .  When  internal  static  equilibrium  is 

reached  all  external  forces  are  acting  on  the  solid  phase. 

A  small  deviator  stress  is  applied  and  permitted  to  act  on 
the  specimen  until  consolidation  under  that  increment  is 
complete.  This  process  is  repeated  until  the  deviator  stress 
reaches  a  critical  value  and  the  sample  fails.  Neglecting  the 
small  initial  pore  water  pressure  set  up  under  each  small 
deviator  stress  the  stresses  are  at  all  times  borne  by  the 
soil  skeleton.  Thus  the  Mohr 1 s  circles  of  stress  for  the 
external  or  total  stresses  are  Identical  with  the  stress 
circles  for  effective  stresses.  The  envelope  for  a  series 
of  failure  circles  at  various  minor  principal  stresses  is 
Mohr's  failure  envelope. 

The  Consolidated -Undrained  Test 

In  the  consolidated -undrained  test  the  cell  pressure 
is  applied  under  conditions  of  full  drainage.  Drainage  may 
take  place  from  the  top,  from  the  bottom,  or  from  both  ends 
of  the  sample.  If  drainage  can  take  place  from  only  one  the 
consolidation  process  may  be  accelerated  several  fold  by 
providing  drainage  filters  running  longitudinally  and  com¬ 
municating  with  the  porous  plate  at  the  open  end  of  the  sample. 
When  complete  consolidation  has  taken  place  the  effective 
stress  on  all  planes  in  the  sample  is  equal  to  the  cell 
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pressure,  CT^  •  During  the  application  of  the  deviator 
stress,  under  conditions  of  no  drainage  the  same  analysis 
as  was  applied  to  stage  2  of  the  undrained  test  is  applicable. 
Equation  (10)  states 


AU,  =  - 1^-  1/3(40-,  -  4<r.) 

1  +  ^ 

Lc 

=  B.A  (  A(T±  -  A(T  ) 

=  A  (  ACT-  -  ACT 3) 

In  general  the  coefficients  A  and  A  will  differ  from  a 
value  of  1/3  as  soils  do  not  behave  according  to  the  elastic 
theory. 


A  Comparison  Between  the  Drained  and  Consolidated-Undrained 

Tests 

The  development  of  a  reliable  means  of  measuring 
pore  pressure  has  increased  enormously  the  scope  of  the 
triaxial  test.  If  pore  pressures  are  measured  in  a 
consolidated -undrained  test  it  is  possible  to  calculate  the 
effective  stresses  at  any  stage  of  the  test.  Thus  the 
effective  stress  parameters  c 1  and  0*  may  be  obtained 
from  a  series  of  consolidated -undrained  tests  in  which  the 
pore  pressure  is  measured.  The  values  so  obtained  differ 
somewhat  from  those  obtained  in  a  series  of  drained  tests. 

The  probable  explanation  of  this  is  that  in  the  undrained 
stage  of  a  test  no  volume  change  occurs  while  in  the  drained 
test  a  volume  change  occurs  with  every  increment  of  deviator 
stress.  Thus  the  two  types  of  test  are  not  run  under  similar 


...  .  . 


.  ■ 


.  :  .  .  •  ■  • 

: 

■  ' 


' 


-  •  ■  ■ 


. 


, 


f|  ,  ■  -  -  '■  -  • 


- 


. 


:  ■;  ■  ■  ■  '  ; 

1  .  :  ■  ••  . 


.  . 

. 

. 


■ 


conditions.  When  a  drained  test  is  performed  on.  a  dilatant 
sample  an  appreciable  portion  of  the  strength  results  from 
the  work  required  to  expand  the  sample  against  the  confining 
pressure.  This  apparent  strength  must  be  evaluated  when 
comparing  the  results  of  drained  tests  with  those  of  un¬ 
drained  tests  in.  which,  for  saturated  soils,  no  volume  change 
occurs.  The  following  theoretical  approach  may  be  applied. 

3 

Let  (Tj  ,  (J~2  ,  and  (T^  be  the  principal 

stresses  and  let  e  with  the  corresponding  subscript  denote 
the  strain,  the  positive  sign,  representing  compression.  In. 
a  drained  triaxial  compression  test  in  which  the  cell  pressure 
is  held  constant  during  the  test  (T ?  =  (jp,  =  constant.  Let 
dep  be  the  increment  of  strain  occurring  at  failure  under 
the'  application  of  an.  increment  d  C JH.  .  At  failure,  i.e. 
when  (Tj  is  a  maximum  d  CT^/de-j  is  equal  to  zero.  It 
follows  that 

CT-j  de1  -  dWf  +  (J"g(- de2  -de^)  . (13) 

where  is  the  work  done  in  overcoming  friction  and  cohesion 

within  the  sample.  The  volumetric  strain,  v  is  equal  to  the 
sum  of  the  three  principal  strains,  then 

de1  +  de2  +  de0  =  -dv  . (14) 

It  follows  from  equations  (13)  and  (14)  that 
C Tj  de^  =  dW^  +  (TQ(de^  +  dv) 

or  op  -  cr  =  dWf/de]_  +  (T^  dv/de.. 
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Thus  a  correction  of  0^3  dv/de-^  has  to  be  applied  to  the 
strengths  obtained  in  drained  tests  on  dilating  samples. 

The  envelopes  for  these  two  types  of  test  on  normally 
consolidated  samples,  i.e.  samples  in  which  the  present  effective 
pressure  is  equal  to  the  maximum  effective  pressure  ever 
experienced,  are  straight  lines  through  the  origin.  If  the 
cell  pressure  is  reduced  after  the  consolidation  stage  of  the 
tests  it  is  found  that  both  envelopes  curve  above  the  production 
tox\rards  the  origin  of  the  normal  envelopes.  In  the  drained 
tests  it  has  been  found  that  the  longer  the  duration  of  the 
test  the  more  will  the  overconsolidated  envelope  approach  the 
normal  envelope.  These  simple  relationships  show  that  the 
behaviour  of  the  soil  is  strongly  influenced  by  Its  stress 
history. 

If  the  ratio  of  the  principal  stresses  at  failure 
(oy/ffy)  Is  plotted  for  a  series  of  drained  and  consolidated- 
undrained  tests  it  Is  found  that  a  higher  average  ratio  occurs 
in.  the  case  of  the  consolidated-undrainsd  tests.  This  obser¬ 
vation  is  explained  by  noting  that  the  lateral  effective  stress 
in  a  eonsolidated-undrained  test  is  a  maximum  at  the  end  of 
the  consolidation  stage,  and  thereafter  decreases  with  pore 
pressure  build  up  due  to  the  application  of  the  deviator 
stress.  Thus  it  is  seen  that  at  failure  the  sample  with 
respect  to  lateral  stress  Is  overconsolidated ,  thereby 
resulting  in  a  higher  principal  stress  ratio  than  in  the 

case  of  the  drained  test. 
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With  some  soils,  particularly  the  heavily  over¬ 
consolidated  clay  shales,  it  may  be  necessary  to  consider 
the  duration  of  the  loading  period  when  comparing  the  results 
of  drained  and  undrained  tests. 

The  rate  of  testing  has  a  distinct  effect  on  the 
strength  characteristics  of  heavily  overconsolidated  clays, 
especially  the  clay  shales.  These  materials  possess  a 
relatively  high  strength  under  transient  loading  but  at  a 
certain  percentage  of  the  ”one  minute”  strength,  creep  at 
constant  stress  and  constant  water  content  takes  place.  This 
may  explain,  at  least  in  part,  slides  which  develop  on  slopes 
that  have  been  standing  for  many  years  without  noticable 
movement.  Tests  carried  out  at  Harvard  University  indicate 
that  the  long-time  strength  of  these  materials  may  be  less 
than  half  of  the  none  minute”  strength. 

In  a  normal  undrained  test  the  loading  period  may 
be  less  than  thirty  minutes  but  four  to  six  hours  is  usual 
when  pore  pressures  are  obtained.  A  drained  test  on  highly 
impermeable  shale  may  require  many  weeks.  Even  though  the 
parameter  0*  will  in  general  not  change  appreciably  between 
the  two  types  of  test  some  correction  must  be  applied  to  the 

6,19 

deviator  stress  to  compensate  for  the  time  effect.  It  is 
unlikely  that  creep  test  results  will  be  available  when 
working  with  any  one  material,  and  as  these  tests  would  only 
be  justified  under  exceptional  circumstances,  the  correction 
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I.  E.  THE  STRENGTH  OBTAINED  WHEN  FAILURE  IS  BROUGHT  ABOUT  IN  ONE  MINUTE 


factor  to  be  applied  to  correlate  the  two  types  of  test 
can  only  be  estimated.  The  qualitative  statement  that  the 
shorter  the  loading  period  the  greater  the  strength  must  at 
all  times  be  borne  in.  mind. 


CHAPTER  5 
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GENERALIZED  SHEAR  STRENGTH  CHARACTERISTICS 
OF  THE  MAIN  SOIL  GROUPS  * 

Dry  Sands  and  Gravels 

Two  diagrams  will  be  used  to  illustrate  the  general 
behaviour  of  dry  sands  and  gravels.  For  the  sake  of  simplicity 
it  will  be  assumed  that  the  tests  are  carried  out  in  a  direct 
shear  machine.  In  one  plot  the  shear  strength  s  is  plotted 
against  the  normal  pressure  p  on.  the  plane  of  failure.  In 
the  other  plot  the  shear  stress  t  on  the  potential  surface  of 
sliding  is  plotted  against  the  strain.  Two  cases  will  be  con¬ 
sidered  --  one  involving  "loose"  soil  and  the  other  involving 
"dense”  soil. 

In  the  case  of  loose  material  the  shear  stress  on 
the  potential  surface  of  sliding  increases  with  the  strain. 

This  strain  increase  is  effective  throughout  the  test.  The 
relationship  is  illustrated  by  curve  KT  3  Figure  5b.  The 
test  Is  repeated  for  various  values  of  the  normal  confining 
pressure.  The  shear  stress  s  at  failure  is  then  plotted 
against  p  ,  Figure  5a.  This  is  found  to  yield  a  straight 
line  CT  through  the  origin  which  may  be  represented  by  the 

equation  ( 

s  =  p  tan  0  . 

If  the  material  is  In  a  dense  state  the  shear 
stress  on  the  failure  surface  increases  to  a  peak  value  and 
decreases  to  an  ultimate  value  before  failure  takes  place, 
curve  K<j,  Figure  5b.  Again  if  several  tests  are  run  at 
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FIGURE  5  0  RESULTS  OF  DIRECT  SHEAR  TESTS  ON  SAND. 


43 

different  confining  pressures  a  curve  similar  to  C-f 

may  be  drawn  as  shown,  in  Figure  5a.  However  in  the  con¬ 
struction  of  curve  the  peak  and  not  the  ultimate  value 

of  the  shearing  stress  on.  the  failure  plane  is  used.  Curve 
Cj  is  found  to  be  slightly  curved  but  for  practical  purposes 

.  i 

it  may  be  assumed  straight.  The  angle  0  is  called  the  angle 
of  internal  friction,  tan.  0*  being  the  coefficient  of  internal 
friction. 

It  is  seen  that  the  angle  of  internal  friction  varies 
with  the  relative  density  of  the  material.  It  is  very  close  to 
the  angle  of  repose  for  loose  sands  and  gravels  and  thus  may  be 
found  without  performing  shear  tests  at  all.  If  the  rupture 
line  intersects  the  shear  strength  axis  above  the  origin  two 
explanations  may  be  offered.  Cementing  material  such  as  calcium 
carbonate  may  be  present  which  results  in  a  cohesion  Intercept 
or  a  slight  amount  of  moisture  may  be  present  which  results  in 
an  apparent  cohesion  intercept.  This  apparent  cohesion  dis- 
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appears  upon  submergence. 

In  the  case  of  dry  sands  and  gravels  no  difference 
exists  between  the  three  main  types  of  test. 

Saturated  Sands  and  Gravels 

In  saturated  sands  and  gravels  the  drainage  con¬ 
ditions  and  the  phenomenon  of  di latency  have  a  marked  effect 
on  the  shear  strength.  Deformations  of  a  mass  of  dense  sand 
or  gravel  result  in  an.  increase  in  void  ratio,  the  reverse 
effect  being  true  for  loose  material.  An  expulsion  of  water 
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is  associated  with  a  decrease  in  void  ratio  and  an  absorption 
of  water  is  associated  with  an  increase  in  void  ratio. 

The  angle  of  internal  friction  0’  for  drained 
tests  on  saturated  sands  and  gravels  has  been,  found  to  be 
smaller  by  perhaps  two  degrees  than  the  friction  angle  obtained 
in  tests  on  the  same  material  at  the  same  relative  density  in 
a  dry  state. 

The  consolidated-undrained  strength  of  a  saturated 
sand  or  gravel  depends  on  the  initial  void  ratio.  If  the 
material  is  in  a  loose  state  deformation  brings  about  a  ten¬ 
dency  towards  volume  decrease  of  the  soil  skeleton.  Under 
conditions  of  no  drainage  this  results  in  the  creation  of  an 
excess  pore  pressure  which  in  turn  reduces  the  effective 
pressure  on  the  potential  failure  surface  by  the  same  amount. 
Thus  the  consolidated-undrained  shear  strength  of  a  loose  sand 
or  gravel  is  lower  than  the  drained  strength  under  similar 
conditions.  If  the  soil  skeleton  tends  to  dilate  a  negative 
pressure  in  the  pore  water  Is  set  up,  thereby  Increasing  the 
effective  stress  on  all  planes  throughout  the  sample.  Thus 
the  consolidated-undrained  angle  of  shearing  resistance,  0CU  , 
for  a  dense  sand  or  gravel  is  greater  than  the  drained 
angle,  0 1 ,  under  similar  conditions.  It  is  obvious  that  at 
some  intermediate  point  the  drained  and  consolidated-undrained 
strengths  are  equal.  This  occurs  when  the  material  is  at  the 
critical  density  or  the  critical  void  ratio.  The  critical 
void  ratio  for  a  material  varies  with  the  conditions  of  test, 
smaller  values  being  obtained  at  the  larger  confining  pressures. 
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In  Figure  6a  the  rupture  line  for  drained  and 
undrained  tests  on  a  loose  granular  material  are  superimposed 
on  the  same  diagram.  The  confining  pressure  at  which  the 
drainage  conditions  do  not  influence  the  strength  is  denoted 
by  pcr  .  Figure  6b  is  a  similar  diagram  for  the  same 
material  in  a  dense  state.  The  critical  confining  pressure 
for  the  dense  state  is  greater  than  that  for  the  loose  state. 

Silt 

In  general  the  relation  between  the  confining  pressure 
and  shearing  resistance  of  silts  is  similar  to  that  of  sands. 
Most  saturated  silts  behave  as  (0  =  0)  materials  in.  undrained 
tests  while  partially  saturated  silts  exhibit  an  angle  of 
shearing  resistance  under  the  same  conditions.  As  mentioned 
previously  some  saturated  silts  do  not  behave  as  (0  =  0) 
materials  below  a  certain  minimum  cell  pressure.  This  is 
believed  to  be  due  to  a  departure  from  the  assumed  condition 
of  constant  void  ratio  brought  about  by  dilatancy  accompanied 
by  cavitation. 

Soft  Intact  Clays  * 

To  eliminate  the  effects  of  overconsolidation  when 
working  under  low  confining  pressures  the  shear  strength 
characteristics  of  a  remolded  clay  consolidated  from  above 
the  liquid  limit  will  first  be  considered. 

The  drained  strength  of  a  remolded  clay  has  been 
found  to  vary  uniformly  with  the  confining  pressure  thus 
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FIGURE  6. 


RESULTS  OF  DRAINED  AND  CONSOL  I  DA  TED  “UN  ORA  I  NE  D 
SHEAR  TESTS  ON  (a  )  LOOSE  SAND  AND  (b  )  DENSE  SAND. 


RESULTS  OF  DRAINED  AND  CONSOL  I  DAT  ED"*  UN  DR  A  I  NED 
TESTS  ON  NORMALLY  LOADED  AND  PRECONSOLIDATED 


REMOLDED  CLAY 


resulting  in  a  constant  angle  of  drained  shearing  resistance 
0 '  as  shown,  by  line  Ob  ,  Figure  7  .  The  line  bd 
represents  the  results  of  drained  tests  on  samples  that  first 
have  been,  consolidated  under  a  pressure  p1  and  then,  allowed 
to  swell  under  a  smaller  pressure  p  .  Such  samples  are  said, 
to  be  preconsolidated  under  the  preconsolidation,  load  p1  . 

The  shear  strength  at  zero  confining  pressure  is  represented 
by  d  .  The  intercept  Od  is  known,  as  the  cohesion  c  of 
the  clay  but  it  is  important  to  note  that  c  varies  with  p1. 
The  larger  the  value  of  the  preconsolidation,  load  the  larger 
will  be  the  shear  strength  at  zero  confining  pressure  on  the 
unloading  cycle. 

The  line  de  represents  the  drained  shear  strengths 
when  the  sample  is  reconsolidated  to  the  value  p 1  .  The 
initial  slope  of  de  is  less  than  0*  but  it  eventually 
becomes  parallel  with  the  strength  envelope  for  normally 
loaded  samples. 

The  dashed  lines  in  Figure  7  represent  the  results 
of  consolidated -undr a ine d  tests  on  normally  loaded  and  pre- 
consolidated  samples  of  the  same  clay.  It  is  seen  that  the 
c on s o 1 id at e d - un dr a ine d  angle  of  shearing  resistance,  0CU  , 
is  somewhat  smaller  than  the  drained  angle  of  shearing  resis¬ 
tance.  It  is  also  significant  that  the  e on solidated- 
undrained  strength  does  not  decrease  as  rapidly  as  does  the 
drained  strength  with  increase  in  preconsolidation  ratio. 

Undrained  tests  on  a  remolded  clay  results  in 
horizontal  rupture  line,  the  intercept  on  the  shear  strength 
axis  being  equal  to  cu  . 
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The  characteristics  of  soft  clay  are  very  similar 
to  those  of  a  remolded  clay  consolidated  from  above  the  liquid 
limit.  As  even  a  soft  clay  will  have  undergone  some  consoli¬ 
dation  in.  the  field  it  was  considered  necessary  to  present  the 
characteristics  of  a  normally  loaded  and  preconsolidated  re¬ 
molded  clay  first  in  order  to  appreciate  the  significance  of 
a  curved  rupture  envelope  in  the  low  stress  rang^e. 

The  (0  =  0)  method  of  analysis  was  developed  from  a 
study  of  soft  intact  clays. 

30 

Stiff  Fissured  Clays  v 

The  effect  of  the  fissures  arises  only  when  there 
has  been  a  release  of  stress,  usually  in  the  horizontal  direc¬ 
tion  as  in.  cuts  and  river  valleys.  This  stress  release  allows 
the  fissures  to  open  and  water  to  enter.  As  the  water  penetrates 
into  the  soil  further  softening  occurs  and  the  action  is  pro¬ 
gressive.  The  water  content  is  often  used  as  an.  index  to  the 

39 

degree  of  softening  that  has  taken  place.  The  effect  of  time 

26 

is  perhaps  the  most  important  variable  in  the  treatment  of 
these  soils.  Failure  has  occurred  in  railroad  cuts  which  had 
remained  stable  for  close  to  one  hundred  years.  If  stress 
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release,  and  hence  opening  of  the  fissures  is  prevented,  these 

soils  behave  as  intact  clays.  In  most  cases  the  release  of 

16 

stress  is  beyond  the  control  of  the  engineer.  Reductions  in 
stress  of  up  to  one  hundred  tons  per  square  foot  have  already 
taken  place  in  glaciated  regions.  It  is  this  release  which 
in  the  first  place  gave  rise  to  the  fissures  or  slickensides . 
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The  problem  is  accentuated  when  release  has  taken  place  in. 
two  directions  as  in  the  slopes  adjoining  the  typical  deeply 
incised  nrairie  rivers.  While  on  a  construction  job  the 
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engineer  may  have  some  measure  of  control  over  the  opening 
of  fissures,  he  is  powerless  when  dealing  with  weathered 
slopes  where  full  opportunity  for  the  opening  of  fissures 
and  slickensides  has  been  present  for  hundreds  and  perhaps 
a  few  thousand  years.  This  helps  to  explain  why  stiff 
fissured  clays  are  particularly  treacherous  when  dealing 
with  the  long  term  stability  of  cuts  and  slopes. 


Chapter  6 

APPLICATION  OF  TRIAXIAL  TEST  RESULTS  TO  THE  SOLUTION  OF 

ENGINEERING  PROBLEMS 


It  is  now  generally  admitted  that  the  triaxial  test 
constitutes  the  most  practical  and  adaptable  soil  strength  test 
yet  devised.  The  development  of  a  reliable  means  of  pore  pressure 
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determination  has  increased  the  scope  of  the  test  enormously. 

The  most  obvious  advantages  of  the  test  are  that  the  drainage 

conditions  can  be  accurately  controlled  and  the  three  major 

principal  stresses  are  known  at  all  times. 

In  the  laboratory  testing  of  any  material  it  Is 

imperative  that  field  conditions  be  duplicated  as  closely  as 

possible.  This  is  perhaps  more  applicable  to  soils  than  to 

any  other  construction  material  since  concepts  of  stress 

analysis  and  extrapolation  of  laboratory  results  cannot  be 

applied  to  the  solution  of  engineering  problems  with  the  same 

confidence  as  say  with  steel.  In  some  respects  as  will  be 

discussed  later  field  conditions  are  not  reproduced  in  the 

triaxial  test. 

6 

It  must  be  understood  at  the  outset  that  soil  sampling, 
no  matter  how  carefully  carried  out  leaves  the  soil  with  a 
modified  stress  history.  As  shown  previously  when  considering 
the  shear  characteristics  of  a  remolded  clay  the  effect  of 
stress  history  cannot  be  neglected. 

The  Meaning  of  Stability 

Stability  of  a  mass  of  soil  refers  to  the  equilibrium 
of  all  external  and  internal  forces  with  the  shearing  resistance 


of  the  soil  along  a  potential  failure  plane.  Typical  actuating 
forces  are  gravity,  seepage  pressures,  earthquakes  and  arti¬ 
ficial  disturbances  due  to  construction  activities.  Stability 
does  not  refer  to  the  amount  of  deformation  which  these  forces 
produce,  so  long  as  the  maximum  shearing  resistance  is  not 
mobilized.  The  stability  of  a  soil  mass  is  not  a  unique 
quantity  as  it  depends  on  several  individual  properties  such 
as  permeability,  compressibility,  etc.,  and  other  factors, 
such  as  local  geological  accidents  and  time  effects,  which 
are  not  readily  assessable. 

Factor  of  Safety 

It  is  perhaps  no  exaggeration  to  say  that  in  the 
realm  of  soil  engineering  no  term  has  been  more  abused  or  used 
with  such  utter  abandon  as  f1f actor  of  safety11.  In  strength  of 
materials  the  factor  of  safety  with  respect  to  stress  is  taken 
as  being  the  ratio  between  a  stress  value  at  which  failure  is 
assumed  to  take  place  and  some  permissible  working  stress  which 
is  not  expected  to  be  exceeded  in  the  finished  structure.  The 
"failure  stress"  might  be  taken  as  the  yield  stress  or  the 
ultimate  stress. 

Unfortunately  when  dealing  with  soil  the  concept  of 
factor  of  safety  is  not  quite  so  clear.  If  drained  tests  are 
run  on  a  soil  and  values  for  the  parameters  c ’  and  0*  are 
obtained  we  know  that  under  the  same  conditions  the  shearing 
resistance  of  the  soil,  s  ,  is  equal  to  c '  +  C TJ  tan  01  . 

Now  when  analyzing  the  stability  of  a  soil  mass  we  can  state 
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that  the  shear  stress  on  the  critical  surface  is  given  by 
Z  =  c^  +  ( T 1  tan.  0^ 

where  c^  is  the  average  value  of  developed  cohesion  and  0^ 
is  the  average  value  of  developed  friction  angle.  It  must  also 
be  appreciated  that  the  shearing  resistance  and  the  shear  stress 
will  vary  considerably  along  the  critical  surface. 

When  failure  takes  place  it  is  assumed  that  c^  has 
reached  its  maximum  value  c 1  and  the  full  value  of  the  friction 
angle  0'  has  been  mobilized.  But  at  any  stage  prior  to 
failure  the  main,  problem  Is  to  assess  what  proportion  of  the 
available  cohesion  has  been  mobilized  and  what  proportion  of 
the  friction  angle  is  being  utilized.  The  most  logical  factor 
of  safety  (F)  is  the  ratio  of  the  shearing  resistance  s  to 
the  shear  stress  X  on  the  critical  surface.  Thus  the  shear 
strength  mobilized  is 

V  =  1/F  (c!  +  (T3  tan  0*) 

But  such  a  definition  of  factor  of  safety  conveys  no  idea 
whatsoever  of  the  effect  of  a  change  in  either  the  available 
cohesion  or  angle  of  internal  friction.  To  offset  this  we 
can  introduce  two  new  ratios 

Fc  =  cf/cd  and  F0  =  tan  0f/tan  0^ 

in  which  Fn  is  the  average  factor  of  safety  for  the 
cohesional  component  of  strength  and  F ^  is  the  average 
factor  of  safety  for  the  frictional  component  of  strength. 

Thus  we  can  readily  visualize  three  factors  of  safety  - 
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1.  F  -  the  factor  of  safety  with  respect  to 

shearing  strength; 

2.  Fc  -  the  factor  of  safety  with  respect  to  cohesion; 

3.  F^  -  the  factor  of  safety  with  respect  to  friction. 

From  a  design  point  of  view  it  would  appear  that  the 
most  "efficient”  combination  of  the  two  strength  components 
would  occur  when  FQ  and  F,^  were  equal  to  one  another  and 
thus  equal  to  F  .  The  leading  authorities  in  the  field  do 
not  agree  on.  the  relative  rate  at  which  these  two  components 
are  mobilized.  Some  claim  that  the  friction  angle  is  first 
fully  developed  and  further  stress  increases  are  borne  by  the 
cohesional  component.  Again  there  is  evidence,  from  field 
observations  substantiated  by  long  term  drained  tests  in  the 
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laboratory,  that  on  a  geological  time  scale  the  cohesion  inter¬ 
cept  c'  approaches  zero.  Failure  would  then  take  place  when 
the  shear  stress  exceeded  CT!  tan  0*  .  Prior  to  failure  the 
factor  of  safety  with  respect  to  shearing  strength  would  be 
equal  to  that  with  respect  to  friction. 

Henceforth  the  factor  of  safety  against  failure  at 
any  time  (F)  xtfill  be  understood  to  be  the  ratio  between  the 
shearing  resistance  and  the  shear  stress  at  that  time. 

The  Use  of  Undrained  Test  Results 

It  has  been  pointed  out  that  even  allowing  for  the 
compressibilities  of  the  two  phases  of  a  saturated  soil  sample 
the  angle  of  undrained  shearing  resistance  is  within,  the  limits 
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of  experimental  determination  equal  to  zero.  Thus  there  is  no 
increase  in  un drained  strength  with  increase  in  total  external 
stress.  An  analysis  based  on  total  stresses  and  undrained 
shear  strength  is  known  as  a  (0  =  0)  analysis. 

Undrained  strength  results  are  exactly  applicable  to 
the  analysis  of  any  problem  where  the  following  three  inter¬ 
related  conditions  are  fulfilled  - 

1.  a  soil  mass  is  stressed  under  conditions  of  no 
water  content  change; 

2.  the  change  in  pore  pressure  is  equal  to  the 
applied  external  stress;  and 

3.  no  change  in  effective  stress  occurs. 

It  is  evident  that  no  excess  pore  pressure  can  exist 
at  the  surface  of  a  soil  mass  which  is  in  contact  with  the 
atmosphere .  However  in  the  case  of  impervious  soils  the 
amount  of  dissipation  which  can  occur  during  the  construction 
period  of  typical  engineering  works  is  usually  negligible  and 
undrained  strength  tests  are  relevant  for  an.  fSend  of  construction11 
stability  analysis.  The  (0  =  0)  analysis  is  thus  applicable  to 
such  common  problems  as 

1.  the  initial  stability  of  a  saturated  clay  upon 
which  a  building  or  an  embankment  has  been  constructed; 

2.  the  initial  stability  of  an  open  cut  or  sheet 
piled  excavation  in  clay; 

3.  the  initial  stability  against  bottom  heave  of  a 


deep  excavation  in  clay. 


Any  pore  pressure  dissipation  which  takes  place 


during  the  construction  period  serves  to' increase  the  shearing 
resistance  of  the  soil  and  thus  the  (0=0)  analysis  represents 
the  most  critical  condition. 

An.  underestimate  of  the  factor  of  safety  and  a  very 
uneconomical  design  may  result  if  the  excess  pore  pressure  has 
had  a  chance  to  even  partially  dissipate.  This  may  be  the  case 
in  say  the  foundation  beneath  a  dam  where  stage  construction  is 
being  used  or  where  sand  or  silt  partings  in  the  clay  communi¬ 
cate  with  the  atmosphere  and  thus  accelerate  consolidation. 
However  great  caution  should  be  exercised  before  allowing  for 
an  increase  in  the  shearing  resistance  of  a  soil  due  to  pore 
pressure  dissipation.  Field  evidence  of  such  dissipation ,  in 
the  form  of  pore  pressure  measurements,  should  be  obtained. 

The  Use  of  Consolidated-Undrained  and  Drained  Test  Results 

In  discussing  the  practical  application  of  laboratory 
results  these  two  types  of  test  can  conveniently  be  considered 
together. 

The  parameters  c1  and  0*  obtained  in  a  series  of 
drained  tests,  or  consolidated -undr a ine d  tests  with  pore  pressure 
measurements,  are  used  in  analyses  of  long  term  stability  of 
slopes,  earth  fills,  and  earth  retaining  structures. 

In  normally  or  slightly  overconsolidated  soils  the 
undrained  strength  will  be  less  than  the  drained  strength  and 
the  initial  stability  is  critical.  However  heavily  over¬ 
consolidated  soils  (e.g.  shales)  at  present  exist  under  a 
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deficiency  in  water  content  and  much  of  their  undrained 
strength  is  derived  from  the  effective  stress  induced  as  a 
result  of  this  deficiency.  Even  a  series  of  drained  tests 
on  highly  impervious  heavily  overconsolidated  soils  will 
usually  show  a  cohesion  intercept  due  to  the  intrinsic 
pressure  mobilized  by  the  small  negative  pore  pressures 
which  did  not  fully  dissipate  during  the  relatively  short 
duration  of  the  laboratory  test.  In  these  soils  it  is  con¬ 
ceivable  that,  even  in  drained  tests,  negative  pore  pressures 
may  also  be  set  up  during  shear  due  to  the  dilitant  structure 
of  the  soil.  It  is  obviously  imperative  that  the  parameter 
c'  be  neglected  in  analyzing  stability  on  a  long  term  basis, 
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bearing  in  mind  that  engineering  works  in  the  immediate 
vicinity  may  render  access  to  the  water  hitherto  unavailable. 
This  approach  should  give  the  lower  limit  of  factor  of  safety, 
since  whatever  decrease  takes  place  in  apparent  cohesion,  the 
normal  effective  stresses  still  have  to  be  transmitted  across 
the  failure  plane  and  the  strength  will  not  fall  below  that 
indicated  by  the  failure  envelope  for  normally  consolidated 
clay. 

34 

The  effect  of  omitting  the  cohesion  intercept  from 
stability  analyses  is  not  as  far  reaching  as  might  first  be 
thought  as  its  value  is  small  compared  to  the  frictional  com¬ 
ponent  of  the  strength. 

6 

The  rate  of  loss  of  strength  may  be  comparatively 
slow  and  on  some  sites  where  stability  over  only  a  relatively 
short  period  (say  ten  years)  is  required  it  may  be  justifiable 
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to  include  cf  in  the  calculations.  The  final  decision  should 
be  made  in  the  field  bearing  in  mind  the  consequences  of  a 
failure . 

Stability  Analysis  of  Slopes 

The  unknown  factors  in  an  analysis  of  the  stability 
of  a  slope  are  so  numerous  and  of  such  complexity  as  to  force 
one  to  wonder  if  even  an  approximate  estimate  of  the  factor  of 
safety  could  be  obtained.  Apparently  some  early  writers  could 
see  no  difficulty  in  the  problem  whatsoever  when,  for  example, 
they  quoted  the  required  thickness  of  a  retaining  wall  to 
decimals  of  an  inch.  Fortunately  most  modern  investigators 
realise  their  limitations.  Consequently  an  elaborate  mathe- 
matical  treatment  is  completely  out  of  place.  It  is  highly 
desirable  that  some  balance  be  maintained  between  the  field 
conditions,  the  probable  reliability  of  the  laboratory  results, 
and  the  theoretical  analysis.  The  difficulty  of  obtaining 
representative  samples  in  good  condition  and  of  assessing  some 
highly  pertinent  field  data  has  already  been  stressed.  But 
it  must  not  be  understood  that  any  analysis  no  matter  how  rough 
will  do.  A  look  at  the  computed  factor  of  safety  of  some  earth 
dams  will  show  why.  For  example  changing  the  factor  of  safety 
of  a  proposed  earth  dam  from  1.2  to  1.4  may  render  the  project 
entirely  unfeasible  from  an  economic  point  of  view.  Such  a 
spread  in  the  calculated  factor  of  safety  could  easily  occur 
when  two  different  analyses  are  applied  to  the  same  section. 

It  must  also  be  borne  in  mind  that  the  !?geological  accident” 
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upon  which  in  the  long  run  the  stability  of  a  slope  or  a  dam 
may  depend  may  pass  unnoticed  in  even,  the  most  conscientious 
exploration  program.  In.  spite  of  these  numerous  reasons  why 
a  rough  theoretical  treatment  is  all  that  can  be  justified 
the  usually  low  value  of  factor  of  safety  is  in.  itself 
sufficiently  compelling  to  carry  out  a  more  thorough  analysis. 

When  examining  the  factor  of  safety  of  an  existing 
slope  or  designing  a  new  one  the  fundamental  problems  confronting 
the  soils  engineer  are: 

1.  What  is  the  shape  of  the  potential  slip  surface? 

2.  What  values  of  the  shear  strength  parameters  are 
to  be  used? 

3.  Do  these  values  vary  along  the  critical  slip 

surface? 

4.  Will  these  values  change  with  time? 

5.  Will  the  actuating  forces  change  with  time? 

No  one  method  of  analysis  Is  applicable  to  all  field 
conditions  and  different  approaches  are  taken  depending  on  the 
assumptions  involving  strength  and  stress  distribution  and  the 
shape  of  the  probable  failure  surface.  In  any  one  procedure 
different  points  of  view,  which  may  alter  radically  the  com¬ 
puted  factor  of  safety,  may  be  adonted. 
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Even  though  it  is  appreciated  that  some  slides  are 
not  readily  adaptable  to  any  form  of  analysis  the  vast  majority 
of  cases  may  be  covered  by  one  of  the  following: 
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METHODS  OF  SLOPE  STABILITY  ANALYSIS  ARE  PRESENTED  IN  DETAIL  IN 
REFERENCES  36,  37,  25,  5,  8,  AND  13 


1.  The  Infinite  Slope  Method 

As  used  herein  the  term  infinite  slope  conveys 
the  idea  of  a  constant  slope  of  unlimited  extent  possessing 
the  same  properties  over  the  entire  area  at  any  one  depth 
below  the  surface.  The  analysis  may  be  applied  to  a  slope 
where  failure  has  or  may  take  place  on  a  plane  which  parallels 
the  surface  over  a  sufficiently  large  area  to  render  negligible 
the  end  and  side  effects.  In  the  field,  failure  is  most  likely 
to  take  place  along  contact  planes  between  two  materials  or  in. 
silt  or  sand  seams  where  large  excess  pore  water  pressures  may 
exist.  It  is  obvious  that  laboratory  testing  of  the  stronger 
material  is  irrelevant  to  the  problem. 
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2 .  The  Sliding  Block  Method 

This  analysis  is  used  to  investigate  the  possibili 
of  a  mass  of  soil  moving  bodily  along  a  horizontal  or  nearly 
horizontal  surface  of  failure.  It  Is  customary  to  consider 
this  approach  in  the  design  of  dams  or  embankments  where  failur 
might  take  place  along  a  relatively  thin  horizontal  stratum  of 
soil  of  low  shearing  resistance  or  along  a  sand  layer  where 
large  excess  pore  pressures  have  reduced  the  effective  stress 
to  a  critical  value.  It  Is  of  Interest  to  note  that  should 
the  effective  stress  along  the  lower  failure  surface  be  re¬ 
duced  to  zero  then  the  actual  inclination  of  the  slope  has  no 
effect  upon  the  stability. 
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Once  again  it  is  seen  that  strength  testing  of  the 
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adjacent  soil  is  meaningless  if  strata  of  weaker  material, 
no  matter  how  thin,  are  present. 

3 .  The  Circular  Arc  Method 

As  its  name  implies  this  method  is  employed  when, 
the  critical  surface  is  likely  to  approximate  a  circular  arc. 

This  belief  has  been  substantiated  by  field  observations  of 
failure  surfaces  in  soft  clay.  Various  analyses,  each  one 
making  different  simplifying  assumptions  have  developed  around 
this  concept.  Two  distinct  procedures  are  recognized;  (a)  the 
friction  circle  method  and  (b)  the  slices  method. 

In  the  former  method  it  is  assumed  that  the  resultant 
of  all  the  oblique  resisting  forces  acting  on  the  failure  sur¬ 
face  is  tangent  to  a  circle  of  radius  KR  sin,  0  ,  where  K  is 
a  coefficient  slightly  in  excess  of  unity  and  depends  on  the 
central  angle  of  the  arc  under  consideration,  R  is  the  radius 
of  the  arc,  and  0  is  the  actual  angle  of  friction  developed 
in  the  field.  The  second  resisting  force,  that  due  to  cohesion, 
acts  parallel  to  the  long  chord  of  the  arc.  The  resultant  of 
the  actuating  forces  (weight  of  soil  mass,  seepage  forces, 
earthquake  considerations,  etc.)  is  then  compared  with  these 
two  resisting  forces. 

It  has  already  been  pointed  out  that  the  initial 
stability  and  the  long  term  stability  represent  two  extremes 
and  two  different  analyses  are  applicable.  The  effect  of  changes 
in  the  values  of  the  parameters  along  the  slip  surface  compli¬ 
cates  the  computations. 


bi 

The  friction  circle  method  has  proved  very  adaptable 
but  a  simplifying  assumption  is  made  regarding  the  distribution 
of  normal  stress  on  the  slip  surface  and  furthermore  the  developed 
friction  angle  must  be  constant  throughout  the  mass.  The  method 
also  implicitly  assumes  that  the  same  angle  of  obliquity  is 
mobilized  at  all  times  and  at  all  points  along  tne  surface  being 
considered.  Some  authorities  consider  these  assumptions  to  be 
too  bold. 
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When  the  permeability  of  the  soil  and  the  rate  of 
failure  are  such  that  the  angle  of  shearing  resistance  is  equal 
to  zero  the  (0  =  0)  analysis  is  applied.  This  does  not  mean 
that  the  friction  circle  degenerates  to  a  point.  It  merely 
implies  that  no  increase  in  effective  stress  and  hence  no  in¬ 
crease  in  shearing  resistance  occurs  prior  to  failure.  As  it  has 
been  found  from  studying  actual  field  failures  that  the  observed 
sliding  surface  does  not  coincide  with  the  critical  surface  as 
determined  in  a  (0  =  0)  analysis  a  digression  is  warranted  at 
this  point.  The  results  of  a  series  of  undrained  tests  on  a 
saturated  soil  yield  in  horizontal  rupture  line.  It  must  not  be 
concluded  from  this  that  the  angle  of  internal  friction  is  zero. 

On.  the  contrary  a  definite  angle  of  internal  friction  can  be 
measured  if  a  series  of  drained  tests  are  run  on  the  same  clay. 

The  existence  of  an  angle  of  internal  friction  in  excess  of 
zero  can  be  proven  even  from  a  study  of  the  undrained  test. 

Mohr's  failure  theory  predicts  that  failure  will  take  place 
on  a  plane  inclined  at  an  angle  of  (45  4-  0 1 / 2)  degrees  with 
the  direction  of  the  minor  principal  stress  (with  the  horizontal 
in  this  case).  Thus  if  sufficient  undrained  tests  are  run  an. 


,  •  ■  i  ;j 


.  . 


: 


can  be  obtained  from  measuring  the  in- 


average  value  of  0 ' 
clination  of  the  shear  planes.  Thus  it  is  concluded  that 
friction  is  a  directional  property  which  controls  the  direction 
of  the  failure  plane  while  the  angle  of  shearing  resistance  is 
simply  a  coefficient  representing  increase  in  shear  strength 
with  increase  in  normal  pressure.  For  this  reason,  a  (0  =  0) 
analysis  will  lead  to  an.  incorrect  prediction  of  the  sliding 

surface.  The  actual  failure  surface  is  steeper  and  occurs 
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closer  to  the  face  of  the  slope.  But  fortunately  enough  data 
has  now  been  collected  to  show  that  a  correct  estimate  of 
stability  will  be  obtained  from  this  kind  of  analysis  using 
the  shear  surface  compatible  with  the  (0  =  0)  assumption,  even 
though  this  surface  is  itself  not  coincident  with  the  true  slip 
surface.  This  lack  of  coincidence  between  the  theoretical  and 
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actual  slip  surfaces  will  not  materially  effect  the  computed 
factor  of  safety  if  the  same  strata  even  approximately  occupy 
the  same  proportion  of  each  surface.  Except  in  unusual  circum¬ 
stances  such  is  likely  to  be  the  case  in  natural  slope  and 
foundation  problems.  However  there  may  be  important  exceptions 
such  as  in  the  analysis  of  an  earth  dam  where  a  small  change  in 
the  position  of  the  critical  circle  may  mean  the  difference 
between  failure  in  a  clay  core  or  a  cohesionaless  fill.  The 
presence  of  large  external  loads  close  to  the  predicted  failure 
surface  is  worthy  of  deep  consideration. 
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The  second  approach,  that  of  the  slices  method, 
is  much  more  flexible  in  that  an  allowance  may  be  made  for 
changes  in  the  strength  parameters  along  various  parts  of  the 
surface  being  considered.  Some  simplifying  assumption  regarding 
the  forces  between  the  slices  must  be  made.  Obviously  the 
algebraic  sum  of  all  the  normal  and  tangential  forces  acting 
on  the  sides  must  be  equal  to  zero.  The  validity  of  the 
whole  analysis  is  greatly  dependent  on  the  chosen  distri¬ 
bution  of  these  forces. 
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4.  The  Logarithmic  Spiral  Method 

The  assumption  that  the  failure  surface  is  an 
arc  of  a  logarithmic  spiral  may  be  used  to  advantage. 

In  order  that  the  oblique  stresses  at  every  point 
be  concurrent  it  is  necessary  that  the  characteristic  of  the 
spiral  of  which  the  arc  under  consideration,  is  a  portion  be 
equal  to  the  developed  angle  of  internal  friction.  Therefore 
for  a  given  angle  of  internal  friction  only  one  of  the 
infinitely  great  number  of  curves  may  be  used. 

A  common  mistake  in  analyzing  stability  using  an 
arc  of  a  logarithmic  spiral  as  a  potential  failure  surface 
is  to  assume  that  the  centre  of  rotation  coincides  with  the 
asymptotic  point  of  the  curve.  The  indeterminancy  of  the 
centre  of  rotation  is  perhaps  the  most  serious  disadvantage 
associated  with  this  method  of  analysis. 

13 


The  Effect  of  Anisotropic  Consolidation 

During  the  formation  of  a  natural  clay  stratum 
consolidation  of  the  strata  proceeds  as  the  deposit  grows  in 
thickness.  (There  may  be  some  exceptions  to  this  concept  when 
deposition  takes  place  at  an  extremely  slow  rate.)  From  our 
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knowledge  of  the  consolidation  characteristics  of  artificially 
sedimented  clays  it  can.  be  reasoned  that  the  vertical  strains 
in.  a  natural  stratum  attain  comparatively  large  values.  The 
surface  of  the  growing  deposit,  particularly  in  the  case  of 
fine  grained  soils  is  likely  to  be  very  close  to  horizontal. 
Under  such  conditions  the  horizontal  strains  approach  zero. 

All  soil  deposits  are  thus  anisotropically  consolidated,  one 
of  the  most  important  engineering  consequences  of  which  is  that 
the  shearing  resistance  is  dependent  upon  the  inclination  of 
the  failure  surface.  The  consolidated-undr ained  triaxial 
test  specimen  is  isotropically  consolidated  thereby  yielding 
a  strength  value  on  the  unsafe  side.  Zero  lateral  strain 
tests  may  be  run  but  they  are  far  from  routine  and  seldom 

carried  out  in  commercial  laboratories. 

6 

The  shearing  resistance  along  a  curved  surface  of 
failure  is  consequently  changing  due  to  this  cause  alone.  In 
some  cases  the  spread  in  the  values  of  the  test  results  may 
overlap  this  effect  but  in  any  case  the  problem  is  worthy  of 
cons  iaer  at  ion . 
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TREATED  IN  DETAIL  IN  REFERENCES  2  AND  17 


CHAPTER  7 


THE  PROBLEM  OF  VALLEY  SLOPES  IN  THE  PRAIRIE  PROVINCES 

The  high  runoff  due  to  sparse  vegetation  cover  on 
the  prairies  produces  very  large  flash  floods  which  are  respon¬ 
sible  for  rapid  river  down. -cutting  and  relatively  little  lateral 
movement  of  the  river  itself.  The  river  valleys  are  in  a 
youthful  stage  of  development  with  the  river  itself  confined 
within,  steep  valley  walls.  In  some  regions  the  rivers  possess 
some  degree  of  freedom  but  in.  general  the  flood  planes  are 
poorly  develope^d. 

Two  methods  of  attack  are  available  to  the  engineer 
when,  bridging  the  typical  prairie  valley. 

In  the  first  approach  a  bridge  is  built  at  much  the 
same  level  as  the  river  banks,  Edmonton* s  f,high-levelr  bridge 
providing  a  good  example.  Such  a  procedure  may  be  very  costly 
due  to  the  length  of  structure  and  the  height  of  the  piers. 

This  type  of  bridge  Is  very  suitable  for  railroad  use  but  due 
to  economic  considerations  it  is  limited  to  fairly  narrow 
valleys . 

The  second  approach  Involves  the  construction  of  a 
bridge  at  river  level  with  access  routes  stretching  up  the 
adjoining  valley  sides.  This  type  of  crossing  Is  more 
adaptable  to  highway  work  due  to  the  greater  flexibility  of 
the  approaches  and  the  steeper  grades  allowed.  Again  Edmonton 
provides  an  example  with  its  **low-level?f  bridge. 

The  construction  of  a  transportation  route,  be  it 
highway  or  railroad  on  a  degrading  slope  which  Is  already  close 
to  the  point  of  incipient  failure  and  which  no  doubt  will  fail 
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on  a  geological  time  scale  involves  engineering  problems  of 
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a  high  magnitude.  Toe  loading  may  be  resorted  to  in  an.  effort 
to  curb  slipping  but  as  most  of  the  valley  slopes  are  several 
hundred  feet  high  this  extra  loading  is  highly  likely  to  induce 
a  secondary  slide.  Again,  the  slopes  can  be  cut  back  in.  the 
immediate  neighborhood  but  such  a  procedure  involves  colossal 
quantities  of  earthwork  and  is  utterly  useless  if  failure  is 
taking  place  on  a  water-bearing  sand  layer  where  the  effective 
stress  may  conceivably  be  reduced  to  zero.  As  the  engineer  is 
faced  with  the  problem  of  constructing  on  a  material  which  is 
gradually  losing  strength  due  to  the  dissipation  of  negative 
pore  pressure  and  increase  in  water  content  the  only  logical 
policy  he  can.  pursue  is  to  endeavor  to  postpone  failure  beyond 
the  useful  life  of  the  structure.  But  such  a  solution  is  not 
in  itself  ideal  because  in  the.  meantime  more  expensive  structures 
are  likely  to  be  constructed  in  the  immediate  vicinity,  and  the 
problem  of  delaying  failure  becomes  more  pressing.  As  time  goes 
on  the  value  of  this  river  bank  real  estate  in  built-up  areas 
is  likely  to  assume  sizeable  amounts  and  the  soils  engineer, 
fully  aware  that  the  public  have  never  given  credit  to  a 
person  for  preventing  a  landslide  that  never  took  place,  is 
faced  with  the  unenviable  problem  of  preventing  the  inevitable. 
Seldom  if  ever  are  sufficient  funds  for  effective  preventative 
measures  available  and  in  the  vast  majority  of  cases  such  funds 
are  supplied  with  grave  misgivings.  For  an  example  where  much 
money  has  been  spent  on  landslide  prevention  one  need  go  no 

further  than  Grierson  Hill  in  the  heart  of  Edmonton. 
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Sufficient  data  has  now  been  accumulated  to 
establish  a  definite  correlation  between,  slide  frequency  and 
years  of  exceptionally  high  precipitation.  The  combined  effect 
of  a  decrease  in  effective  stress  and  an  increase  in  actuating 
force  due  to  a  rise  in  level  of  the  water  table  is  in  part 
responsible  for  the  periodic  sliding  which  takes  place  in  the 
overconsolidated  clays  in  this  area.  Consequently  the  most 
logical  remedial  measure  is  that  of  drainage.  At  first  glance 
horizontally  bored  drains,  which  have  been  used  extensively  by 
the  highway  departments  on  the  west  coast  of  the  United  States, 
possess  at  least  an.  economic  advantage  over  pumping  from 
vertical  wells.  Such  drains  have  been,  successfully  used  on 
some  slides  in.  Alberta  but  in  general  the  procedure  has  not 
proved  satisfactory  in  overconsolidated  soils.  The  reason  for 
this  is  that  the  stability  of  a  valley  slope  may  depend  entirely 
on.  the  pore  water  pressure  in  a  silt  layer  which  may  be  only  a 
few  grains  thick  and  the  chances  of  intercepting  such  a  layer 
with  horizontal  drains  are  very  remote.  The  risk  of  such  an 
interception  must  be  weighed  with  the  problem  of  pumping  from 
wells  in  the  light  of  a  knowledge  of  the  soil  profile  and  an 
economic  study  of  both  procedures. 

In  the  case  of  clay  shales,  which  underlie  large 
areas  of  the  Prairie  Provinces,  the  use  of  bored  drains,  either 
horizontal  or  vertical,  may  be  totally  ineffective.  This  Is 
so  because  these  materials  are  still  in  a  state  of  rebound 
even  though  most  of  the  load  reduction  took  place  during  the 


recession  of  the  ice  close  to  ten  thousand  years  ago.  The 
rebound  at  present  taking  place  is  analagous  to  the  secondary 
time  effect  encountered  in  a  consolidation  test.  The  magni¬ 
tude  of  this  time  rebound  can  assume  amazing  proportions. 

Studies  in  connection,  with  the  South  Saskatchewan  River  dam 
have  indicated  horizontal  rebound  in  the  river  valley  of  several 
hundred  fee^t.  Thus  flattening  slopes,  the  layman* s  answer  to 
all  stability  problems,  may  simply  induce  additional  rebound 
while  loading  a  slope  which  is  already  close  to  a  condition  of 
plastic  equilibrium  may  quite  conceivably  cause  movement  during 
the  lifetime  of  the  structure. 

There  is  much  field  evidence  to  substantiate  the 
opinion  that  all  soils  behave  in  the  long  run  as  frictional 

materials.  The  steepest  stable  natural  slope  in  London  clay 
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is  about  ten.  degrees.  This  value  is  indicative  of  the  sub¬ 
merged  angle  of  repose  assuming  the  water  table  to  be  at  or 
close  to  the  surface  for  at  least  a  portion  of  the  time.  The 
parameter  0*  for  London  clay  is  about  twenty  degree| . 

The  valley  slopes  on  the  prairies  are  in  a  particu¬ 
larly  active  state  of  weathering  and  it  is  interesting  to  note 
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here  too  that  many  natural  slopes  are  of  the  order  of  ten 
degrees . 

This  chapter  is  intended  primarily  to  convey  some 
idea  of  the  reality  and  magnitude  of  the  problem  of  slope 
stability  in  areas  of  heavy  overconsolidation.  It  is  hoped 
that  the  number,  complexity,  and  Indeterminancy  of  the  factors 
involved  will  forcefully  illustrate  the  irrelevancy  of 
laboratory  testing  in  at  least  a  large  percentage  of  cases. 


Chapter  8 

LABORATORY  TE STING  PROGRAM 

The  laboratory  investigations  involved  primarily 
the  running  of  triaxial  compression  tests  with  pore  pressure 
measurements  on.  an  over consolidated  varved  clay.  The  con¬ 
solidation  and  swelling  characteristics  were  also  obtained 
using  a  conventional  consolidation  machine.  In  these  tests 
the  inclination  of  the  varves  with  the  direction  of  the  major 
principal  stress  was  varied  between  zero  and  ninety  degrees. 

For  classification  purposes  the  natural  moisture  content  and 
plasticity  characteristics  were  determined. 

Description,  of  the  Material 

The  samples  were  taken,  from  a  slide  area  adjacent 
to  the  Peace  River  at  Dunvegan  in  north-western  Alberta. 

The  unstable  soil  mass  consists  of  a  highly  over- 
consolidatea  varved  deposit  of  water  lain  sediments  ranging 
from  clay  sized  particles  in  the  dark  varves  to  silt  or  fine 
sand  particles  In  the  light  varves.  When  the  results  of 
'  At ter berg  limit  tests  are  plotted  on  a  plasticity  chart 
(Plate  1)  the  material  as  a  whole  is  seen  to  be  a  medium  to 
highly  plastic  inorganic  clay.  The  fact  that  the  results  are 
located  well  above  the  A-line  indicates  that  the  material  con¬ 
sists  of  a  rather  active*  clay  which  Is  verified  by  its  tough 
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consistency  near  the  plastic  limit.  Most  liquid  limit  test 
results  fall  in  the  range  of  45%  to  70%  but  some  results  in 
excess  of  80?o  and  below  307>  were  recorded.  The  natural  moisture 
contents  of  the  samples  tested  range  between  22%  and  33%. 


*  ACTIVITY  EQUALS  PLASTICITY  INDEx/pER  CENT  CLAY 
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LIQUID  LIMIT 
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After  only  a  cursory  glance  at  various  samples  two 
main,  groups  are  immediately  apparent;  those  with  distinct 
intact  varves  and  those  in  which  the  varves  are  so  distorted 
that  a  mottled  pattern  is  obtained  on  drying.  This  distortion 
is  apparently  due  to  natural  causes  such  as  large  irregular 
rebound  or  slides  and  is  not  the  same  as  the  varve  distortion 
which  often  occurs  in  sensitive  clays  during  the  sampling 
operation . 

Occasionally  the  presence  of  an  exceptionally  coarse¬ 
grained  varve  resulted  in  the  sample  breaking  in  two  while 
being  extruded  from  the  shelby  tube.  Most  of  the  samples  were 
slickensided  which  made  it  extremely  difficult  to  trim  the 
sample  to  a  smaller  diameter.  In  two  samples  of  the  first 
group  the  varves  were  inclined  at  thirty  degrees  but  in  the 
others  the  varves  were  horizontal  or  very  nearly  so. 

Gypsum  crystals  also  occurred  frequently  while  an. 
occasional  stone  up  to  number  four  sieve  size  was  also 
encountered . 

Description  of  Apparatus 

The  triaxial  compression  apparatus  consisted  of  a 
conventional  type  cell  equipped  with  a  constant  pressure 
control  system  and  a  device  for  determining  the  pore  pressure 
in  the  sample  Itself  at  any  stage  of  a  test. 

The  confining  pressure  was  maintained  constant  by 
means  of  a  trio  of  self -compensating  mercury  columns.  The 

attractive  feature  of  this  system  was  that  routine  volume 
-* 


THE  MAIN  FEATURES  OF  THE  APPARATUS  ARE  ESSENTIALLY  THE  SAME  AS  THOSE 
DESCRIBED  IN  REFERENCE  6.  A  DETAILED  DESCRIPTION  IS  CONTAINED  IN  APPENDIX  I  „ 
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chang'es  due  to  consolidation  of  the  sample,  expansion  of  the 
apparatus ,  minute  leaks ,  and  temperature  changes  did  not  alter 
the  cell  pressure. 

Essentially  the  device  for  determining  the  pore 
pressure  consisted  of  an  air-free  small  bore  glass  U-tube 
containing  mercury.  One  mercury  limb  communicated  through 
a  water  filled  tube  to  the  base  of  the  sample  while  the  other 
limb  was  connected  to  a  pump  and  pressure  gauge.  Changes  in 
mercury  level  in  the  U-tube  due  to  pore  pressure  changes  in 
the  sample  were  prevented  by  manual  operation  of  the  pump. 

The  outstanding  advantage  of  this  device  was  that  no  flow  of 
water  from  the  sample  was  required  to  actuate  the  pressure 
gauge . 

Triaxial  Tests 

The  triaxial  testing  program  was  comprised  of  a 
series  of  consolidated -undrained  tests  with  the  pore  pressure 
measurements.  The  primary  objective  was  to  obtain  the  strength 
deformation  characteristics  of  the  soil.  The  consolidated- 
undr  a  in  ed  strength  in  each  test  was  obtained  directly.  From 
a  knowledge  of  the  applied  total  stresses  and  the  induced 
neutral  stresses  the  principal  effective  stresses  were 
calculated  and  the  drained  strength  then  obtained  from  these 
values.  In  all, thirteen  tests  were  performed  but  in  three 
tests  the  presence  of  air  in  the  apparatus  precluded  the 
determination  of  pore  pressure. 


In  the  first  stage  of  each  test  consolidation  was 
allowed  to  take  place  through  a  drainage  connection  at  the 
top  of  the  sample.  Cell  pressures  of  90,  100,  and  110  psi 
were  used.  In  two  tests  burette  readings,  pore  pressure 
readings,  and  dial  readings  were  taken  during  consolidation. 

In  three  other  tests  burette  and  pore  pressure  readings  were 
taken  while  in  the  remaining  eight  tests  only  burette  readings 
were  recorded.  Typical  time  curves  were  obtained  when  these 
readings  were  plotted  against  the  logarithm  of  the  elapsed 
time . 

In  all  cases  the  burette  curve  was  taken  as  the 
criterion  for  full  primary  consolidation.  The  actual  final 
burette  reading  varied  widely  in  the  different  tests.  This 
was  due  to  the  presence  of  sizeable  quantities  of  water  in  the 
filter  paper  which  was  used  to  reduce  the  drainage  path  and  so 
hasten  consolidation.  In  some  tests  filter  strips  were  used 
but  as  it  was  found  extremely  difficult  to  keep  these  strips 
in  position  under  water  a  complete  roll  of  filter  paper  was 
later  used.  Consequently  the  spread  in  the  quantities  of 
expelled  water  was  due  not  to  the  differences  in  initial 
moisture  content  but  to  the  different  sizes  of  filter  paper 
used  and  the  variable  amounts  of  water  trapped  between  the 
soil  and  the  filter. 

Where  applicable  the  pore  pressure  dissipation 
curves  and  the  dial  reading  curves  provided  independent 
checks  on  the  consolidation  process.  Essentially  these 


* 


* 

. 

. 

.. 

„ 

. 

. 

. 


curves  proved  to  be  identical  in  form.  In  general  about 
30  hours  were  necessary  to  reach  the  secondary  stage  of  the 
process . 

In  the  second  stage  of  the  test  increments  of 
deviator  stress  were  applied  under  conditions  of  no  drainage 
while  simultaneous  strain,  and  pore  pressure  readings  were 
taken.  The  application  of  stress  increments,  at  five  minute 
intervals,  was  continued  to  failure. 

The  results  are  plotted  on  Plates  2  to  29,  pages  80 
to  107,  and  summarized  In  Table  1,  page  108. 

For  each  sample  tested  the  following  data  was 

plotted. 

1.  A  consolidation  time  curve  showing  the  burette 
readings  versus  the  logarithm  of  the  elapsed  time.  Where 
applicable  similar  curves  for  the  pore  pressure  dissipation 
readings  and  the  dial  readings  were  plotted.  In  the  two  tests 
where  dissipation  readings  were  obtained  a  curve  showing 

per  cent  dissipation  versus  the  logarithm  of  the  elapsed  time 
was  drawn. 

2.  The  principal  total  stresses  and  the  deviator 
stress  were  plotted  against  the  per  cent  strain  for  all 
thirteen  tests.  Mohr's  circle  for  total  stresses  at  failure 
was  also  constructed. 

3.  For  the  ten  tests  in  which  pore  pressures  were 
determined  the  calculated  principal  effective  stresses  and 


the  parameter  X  were  plotted  against  the  per  cent  strain. 

The  circle  of  stress  for  effective  stresses  at  failure  was 
also  drawn. 

In  an  area  of  degrading  slopes  the  value  of  the 
drained  angle  of  shearing  resistance  (0*)  is  perhaps  one  of 
the  most  relevant  properties  of  a  soil.  Terzaghi  quotes 
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typical  values  of  between  28  degrees  and  30  degrees  with 
exceptional  values  as  low  as  20  degrees.  The  results  of 
tests  carried  out  at  Imperial  College  have  yielded  values 
as  low  as  17  degrees.  This  value  has  been  substantiated  by 

19 

a  study  of  the  local  topography. 

35 

The  values  obtained  in  this  testing  program  varied 
widely  between  a  maximum  of  32  degrees  and  a  minimum  of 
14  degrees.  The  average  value  of  the  ten  tests  in  which 
pore  pressures  were  determined  was  22  degrees. 

The  phenomenon  of  dilatanc^  and  the  effect  of 
duration  of  test  must  be  considered  when  correlating  the 
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results  of  drained  and  undrained  tests.  Extensive  research 
at  Imperial  College  indicates  that  the  difference  between 
the  effective  stress  parameters  in  the  two  types  of  test  is 
within  the  limits  of  experimental  accuracy  negligible.  But 
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a  sizeable  difference  would  exist  should  an  appreciable  error 
be  made  in  the  determination  of  the  pore  pressures.  For  this 
reason  the  accidental  inclusion  of  air  in  the  system  Is 
perhaps  the  greatest  single  hazard  In  the  determination  of 
drained  parameters  from  undrained  tests.  The  presence  of 
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air  reduces  the  value  of  the  observed  pressures.  The  elastic 
expansion  of  the  leads  and  the  time  lag  in  the  transmission 
of  pressure  through  the  water  phase  due  to  the  compressibility 
of  the  water  and  the  low  permeability  of  the  soil  also  tend 
towards  the  same  effect.  From  these  considerations  the  final 
result  would  be  the  calculation  of  too  low  a  value  of  the 
angle  of  internal  friction.  Thus  if  the  average  value  of 
22  degrees  is  taken  as  being  representative  of  the  whole 
program  it  is  likely  to  represent  the  lower  limit  of  the 
angle  of  drained  shearing  resistance.  Accepting  this  value 
as  being  correct,  and  on  the  basis  of  field  observations  in 
London  Clay,  one  would  expect  the  maximum  long  term  inclination 
of  stable  slopes  of  this  soil  to  be  about  11  degrees. 

The  consolidated -undrained  angle  of  shearing  resis¬ 
tance  (0CU)  ranged  between  a  maximum  value  of  23  degrees  and 
a  minimum  value  of  10  degrees.  Terzaghi  quotes  values  between 
14  degrees  and  20  degrees  as  being  the  most  common.  The 
average  value  of  thirteen  tests  was  17  degrees. 

What  may  prove  to  be  one  of  the  most  significant 
classifications  of  the  samples  is  immediately  apparent  from 
a  study  of  the  A  versus  strain  diagrams.  Two  main  groups  are 
easily  distinguished. 

In  the  first  group  the  A  values  rise  quickly  with 
increasing  strain  and  reach  their  maximum  value  at  somewhere 
less  than  one  per  cent  strain.  Thereafter  the  value  continues 
to  drop  until  failure  occurs. 
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The  typical  A/ (%  strain)  diagram  for  samples  of 
the  second  group  shows  the  maximum  value  of  A  occurring  at 
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or  immediately  prior  to  failure. 

When  the  strain,  at  which  the  maximum  value  of  A 

* 

occurs  during  each  test  is  tabulated  it  is  readily  seen  that 
no  value  between  1 %  and  2.5 %  exists.  This  was  taken  as  the 
criterion  for  classification.  When  the  descriptions  of  the 
various  samples  were  re-examined  in  the  light  of  this  grouping 
it  was  observed  that  the  quality  of  the  varves  was  responsible 
for  the  difference  in  pore  pressure  characteristics.  Without 
exception  the  samples  in  group  two  were  distorted  by  nature 
since  deposition.  The  reason  for  this  probably  is  that  the 
remolding  has  destroyed  the  natural  dilatant  structure  of 
the  soil. 

In  one  respect  these  two  types  of  curves  may  be 
compared  to  the  stress/strain  curves  on  an  undisturbed  and 
remolded  sensitive  soil.  The  evaluation  of  a  strength  test 
on  sensitive  soil  is  often  based  on  the  strain  at  failure. 

It  appears  that  the  A/(?0  strain)  curve  is  at  least  as 
sensitive  as  the  stress/strain  curve  and  it  may  conceivably 
be  that  the  X  values  are  the  best  indication  of  the  degree 
of  disturbance  that  has  taken  place.  This  may  be  of  particular 
value  in  the  case  of  homogeneous  soils  inhere  the  natural 
stratification  is  not  evident. 

The  maximum  and  failure  values  of  "K  varied  appre¬ 
ciably  but  it  is  Interesting  to  compare  the  average  values. 
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In  the  10  tests  in  which  pore  pressures  were  determined  six 
samples  fell  into  group  one  and  four  into  group  two.  In  the 
first  group  the  average  maximum  value  was  58%,  while  the 
average  value  at  failure  was  46%.  In  the  second  group  the 
corresponding  values  were  65%  and  64%. 

As  would  be  expected  the  quality  of  the  varves  also 
seems  to  influence  the  value  of  the  failure  strain.  The  strain 
at  failure  for  all  thirteen,  tests  averaged  4.3%,.  The  average 
value  for  the  six  tests  of  group  one  was  3.6%  and  for  the  four 
tests  of  the  second  group  the  average  was  4.7%,.  These  results 
endorse  the  general  statement  that  the  brittleness  of  a  soil 
depends  on  the  amount  of  natural  structure  present.  It  is 
obvious  from  the  spread  in  the  values  of  the  per  cent  strain 
at  failure  that  the  A  curves  are  much  more  sensitive  to  sample 
disturbance . 

The  ability  of  this  material  to  creep  at  constant 
applied  load  is  an  important  point  when  applying  the  results 
of  laboratory  tests  to  slope  stability  analyses.  In  most  tests 
a  new  increment  of  deviator  stress  was  applied  every  five 
minutes.  In  one  test  (see  data  on  pages  151  -152)  creep  was 
allowed  to  take  place  for  longer  periods  of  time.  It  appears 
that  failure  could  be  brought  about  at  any  applied  stress 
above  about  half  the  "normal11  failure  stress  If  sufficient 
time  were  allowed.  Plate  5  shows  graphically  the  changes 
in  total  and  effective  principal  stresses  which  took  place 
in  one  test  when  creep  was  allowed  over  a  range  of  about 
three  per  cent  strain.  The  phenomenon,  of  creep  complicates 
the  determination  of  the  strain  at  failure. 
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A  satisfactory  explanation  for  the  great  variation 
in  the  moisture  contents  in  the  failure  zones  for  the  various 
testa  is  difficult  to  find.  As  an  example  of  this  variation, 
the  water  content  along  the  failure  surface  varied  between 
20.17o  and  29.57>  for  the  eight  samples  consolidated  under  an 
all-round  stress  of  100  psi.  The  migration,  of  water  to  the 
failure  zone,  even.  in.  undrained  shear,  is  an  ever-present 
possibility  but  the  change  in  moisture  content  due  to  this 
effect  is  unlikely  to  exceed  one  per  cent. 

The  most  apparent  shortcoming  of  the  entire  triaxial 
testing  program  lies  in  the  small  number  of  tests  available 
for  analysis.  A  laboratory  investigation  into  the  strength 
deformation,  characteristics  of  a  particular  soil  must  of 
necessity  be  large,  both  in,  time  and  in  number  of  tests. 

The  inherent  lack  of  uniformity  in  soils  precludes  even  the 
establishment  of  trends  from  a  limited  amount  of  data.  The 
problem  is  accentuated  in  overconsolidated  soils  due  to  the 
irregular  rebound  that  has  taken  place  and  the  possible 
presence  of  partial  remolding  due  to  hidden  slides  of  former 
ages . 
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Consolidation  Tests 


A  series  of  consolidation,  tests  were  run.  for  the 
primary  purpose  of  determining  the  swelling  characteristics 
of  the  soil. 

Two  procedures  for  determining  the  swelling  pressures 

of  soils  in  the  consolidation  test  are  available. 
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The  first  method,  which  is  by  far  the  most  common, 
consists  of  applying  a  load  to  a  sample,  the  void  ratio  of 
which  is  known  or  can  be  calculated  from  later  weighings,  and 
simultaneously  allowing  access  to  water.  The  applied  pressure 
is  usually  either  a  small  token,  pressure  or  else  equal  to  the 
calculated  effective  overburden,  pressure  in  the  field. 
Sufficient  time  is  allowed  for  the  sample  to  reach  a  void 
ratio  compatible  with  the  external  load  and  the  hitherto 
unavailable  water.  The  construction  of  time  curves  showing 
dial  reading  versus  the  logarithm  of  the  time  depicts  graph¬ 
ically  the  rate  of  change  of  void  ratio.  The  sample  is  then 
loaded  in  increments,  complete  primary  consolidation,  being 
allowed  under  each  increment.  The  pressure  required  to  bring 
the  void  ratio  of  the  sample  to  its  initial  value  is  taken  as 
the  swelling  pressure. 

The  alternate  procedure  consists  of  allowing  the 
soil  sample  to  have  access  to  water  and  adding  load  at  such 
a  rate  that  no  change  in  void  ratio  takes  place.  In.  practice 
some  swelling  sufficient  to  cause  a  perceptible  movement  of 
the  dial  gauge  occurs;  then  a  small  increment  of  load  is 


applied  to  counteract  this  movement.  The  swelling  pressure 
is  taken  to  be  the  load  under  which  the  tendency  to  swell  stops. 

The  popularity  of  the  first  procedure  is  probably 
due  to  the  fact  that  it  requires  a  minimum  of  time  while  the 
second  procedure  requires  the  almost  constant  attention,  of  a 
laboratory  technician,  during  the  swelling  stage.  A  more 
scientific  argument  exists  in  favor  of  the  latter  method. 

This  is  based  on.  the  premise  that  the  structure  of  the  soil, 
and  hence  its  physical  properties,  is  altered  by  the  change 
in.  void  ratio  which  takes  place  when  swelling  is  permitted. 

During  the  deposition,  of  natural  clay  strata  the 
scale -like  or  rod-like  particles  tend  to  maintain  a  horizontal 
position.  This  phenomenon  is  further  accentuated  by  any  sub¬ 
sequent  increase  in  the  overburden  pressure  due  to  the  tendency 
of  the  grains  to  orientate  themselves  in  a  direction  perpen¬ 
dicular  to  the  direction  of  the  major  principal  stress.  Slates 
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attain  their  property  of  cleavage  in  this  manner.  The  orien¬ 
tation  of  grains  due  to  pressure  takes  place  on  a  geological 
time  scale  and  cannot  be  reproduced  during  the  relatively 
short  duration  of  a  laboratory  test.  Consequently  some 
authorities  point  out  that  the  destruction  of  the  natural 
transverse  isotropy  due  to  swelling  alters  the  reconsolidation 
characteristics  of  the  soil. 

The  swelling  action,  of  clays  is  not  completely 
understood  but  the  following  theory  is  widely  accepted. 

Clay  particles  carry  a  negative  electric  charge 
which  may  be  due  to  electrical  unbalance  in  its  crystal 
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lattice  or  hydroxyl  ions  on  its  surface.  This  negative  charge 
attracts  positively  charged  ions  from  the  pore  water.  These 
cations  are  not  held  directly  on.  the  surface  because  their 
kinetic  energy  tends  to  diffuse  them  out  at  random.  The  two 
forces  cause  the  existence  of  a  "diffuse  ion  layer",  the 
boundary  of  which  is  the  locus  of  points  where  the  electric 
forces  attracting  ions  and  kinetic  motion  tending  to  diffuse 
them  are  in  equilibrium.  In  clay  particles  the  diffuse  ion 
layers  overlap,  the  amount  of  overlapping  depending  greatly 
on  the  orientation  of  the  particles.  This  condition  is  not 
stable  as  free  water  moves  between  the  clay  particles  to 
dilute  the  ions,  the  process  being  one  of  osmosis.  As  more 
water  moves  in.  the  volume  increases  and  the  osmotic  or 
swelling  pressure  decreases. 

The  differences  in.  volume  change  for  different  types 
of  clay  are  due  largely  to  differences  in  surface  area  and  in 
exchangeable  cations.  Montmorillonite  clays  have  the  highest 
surface  area  and  exhibit  the  greatest  volume  change.  The 
thickness  of  the  diffuse  ion  layer  also  depends  on.  the  valency 
of  the  ions.  Clays  having  monovalent  ions  such  as  sodium  can 
exhibit  a  greater  swelling  pressure  than  those  having  divalent 
ions  such  as  calcium  due  to  a  thicker  layer  and  a  greater  ion 
concentr at ion . 

Thus  for  any  one  clay  and  ion  combination  the  two 
variables  affecting  the  swelling  pressure  are  the  orientation 
of  the  particles  and  the  distance  between  them.  As  re¬ 
orientation  cannot  be  accomplished  on  the  loading  cycle  some 
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authorities  favor  procedure  number  two  when  determining 
swelling  pressure  in  the  consolidation  test. 

In  application  to  practical  problems  neither  pro¬ 
cedure  can  be  regarded  as  better  than  the  other.  As  in  all 
other  laboratory  tests  the  field  conditions  should  be  dupli¬ 
cated  as  closely  as  possible.  The  first  procedure  may 
reproduce  the  natural  conditions  more  accurately  when  investi¬ 
gating  the  heaving  of  basement  floor  slabs  or  highway  pavements 
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in  cuttings.  This  swelling  action  must  in  no  way  be  confused 
with  frost  heave.  In  other  problems  involving  neavy  con¬ 
struction.  procedure  number  two  may  be  more  applicable. 

Five  tests  on  2.6  inch  diameter  and  two  on  2.4  inch 
diameter  samples  were  run.  The  smaller  samples  were  cut  at 
right  angles  to  the  axis  of  the  shelby  tube  so  that  the  direc¬ 
tion  of  the  major  principal  stress  throughout  the  test  was 
perpendicular  to  the  varves . 

Perhaps  the  most  significant  conclusion  which  can 
be  drawn  from  a  study  of  the  results  is  the  great  dependence 
of  the  compressive  and  swelling  indices  on  the  orientation 
of  the  varves. 

Four  tests  were  run  on  samples  taken  from  the  same 
shelby  tube  (Hole  No.  13,  depth  65  ft.).  The  compressive  index 
for  the  last  increment  varied  between  0.29  for  the  two  cases 
of  horizontal  varves  to  only  about  one -tenth  of  that  amount 
for  the  samples  with  the  varves  vertical.  Relatively  small 
changes  in  void  ratio  were  also  obtained  in  another  sample 
(Hole  No.  10,  depth  70  ft.)  in  which  the  natural  inclination 
of  the  varves  was  30  degrees  to  the  horizontal. 
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THE  RESULTS  ARE  PLOTTED  ON  PLATES  30  AND  31/  PAGES  I  1 5  AND  116/ 
AND  SUMMARIZED  IN  TABLE  2/  PAGE  117 
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The  potential  difference  in.  swelling  pressure  which 
may  be  encountered  in  tests  on  identical  samples  is  forcefully 
demonstrated  when  the  results  of  two  tests  on  adjacent  samples 
cut  from  the  same  shelby  tube  are  examined. 

The  void  ratio  calculated  from  the  start  dimensions 
was  the  same  in  both  tests  (0.770).  The  height  of  soil  solids, 
calculated  after  determining  the  dry  weight  of  soil  at  the 
end  of  the  test,  was  also  identical  to  three  decimal  places 
(0.777).  Both  samples  were  given  access  to  water  and  allowed 
to  swell.  The  confining  pressure  in  one  case  was  0.14  tons 
per  square  foot  and  the  pressure  on  the  loading  cycle  which 
was  required  to  reduce  the  void  ratio  to  its  original  value 
was  approximately  5.5  tons  per  square  foot.  In  the  second 
test  the  confining  pressure  was  ten  times  as  great  (1.4  tons 
per  square  foot)  but  in.  this  case  the  swelling  pressure  was 
about  10.3  tons  per  square  foot.  This  difference  is  probably 
due  to  the  relatively  large  volume  increase  which  took  place 
under  the  smaller  confining  pressure. 

In.  all  cases  the  void  ratio  was  calculated  from  the 
moisture  content  at  end  of  test  assuming  100  per  cent  saturation. 
This  procedure  resulted  in.  the  initial  void  ratio  of  the  two 
samples  differing  by  0.06,  the  smaller  value  applying  to  the 
sample  with  the  larger  initial  confining  pressure.  If  one 
curve  Is  moved  through  this  amount  relative  to  the  other  so 
as  to  make  the  two  initial  void  ratios  equal  it  is  seen,  that 
under  heavy  pressures  the  sample  which  underwent  the  greater 
disturbance  due  to  initial  swelling  consolidated  to  a  lower 
void  ratio.  Furthermore,  on  the  unloading  cycle,  the  more 
disturbed  sample  rebounded  to  a  lower  void  ratio. 
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In  the  seventh  test  a  confining  pressure  of  11.7  tons 
per  square  foot  was  added  while  simultaneously  the  sample  was 
given  access  to  water.  This  stress  was  sufficient  to  prevent 
swelling  and  consolidation  took  place  instead.  No  further 
increments  were  added  in  this  case  and  the  sample  was  re¬ 
bounded  in.  the  usual  manner.  Since  the  structure  of  this 
sample  was  not  destroyed  by  swelling  one  would  expect  it  to 
exhibit  greater  swelling  on.  the  rebound  cycle  than  was  the 
case  in.  the  other  tests.  However  this  was  not  true,  probably 
because  of  differences  in  the  various  samples. 
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SUMMARY  OF  CONSOLIDATION  TEST  RESULTS 


Hole 

No. 

Depth 

(ft) 

Inclination 
of  Varves 

Initial 
Confining 
Pressure 
(tons/f t^) 

Swelling 
Pressure 
(tons/f t2) 

Compressive 

Index 

(estimated) 

13 

65 

zero 

0.14 

5.5 

0.29 

13 

65 

zero 

1.40 

10.3 

0.26 

13 

65 

90° 

0.34- 

4.5 

0.03 

13 

65 

90° 

1.04 

2.8 

0.03 

10 

70 

30° 

0.29 

7.0 

0.05 

10 

60 

zero 

1.70 

10.6 

0.40 

6 

45 

zero 

11.70 

- 

- 
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CHAPTER  9 
CONCLUSIONS 

The  results  of  a  laboratory  testing  program 
consisting  of  consolidated  undrained  triaxial  compression 
tests  on  an  overconsolidated  clay-shale  from  north-western 
Alberta  have  been  presented. 

Firstly  it  is  apparent  from  an  exhaustive  study  of 
soil  mechanics  literature  published  since  the  end  of  the 
second  world  war  that  the  triaxial  test  constitutes  the  most 
reliable  soil  strength  test  yet  devised.  From  more  recent 
publications  it  can  be  concluded  that  using  a  proven  pore 
pressure  measuring  device,  drained  shear  strength  parameters 
can  be  calculated  from  the  results  of  consolidated -undrained 
tests  with  pore  pressure  measurements. 

From  the  results  of  the  triaxial  testing  program 
on  the  material  tested  It  can  be  concluded  that: 

1.  Large  variations  in  all  pertinent  characteristics 
is  to  be  expected. 

2.  The  average  value  of  the  consolidated-undrained 
angle  of  shearing  resistance  is  about  17  degrees. 

3.  The  average  value  of  the  drained  angle  of  shearing 
resistance  is  unlikely  to  be  lower  than  22  degrees. 

4.  The  strain  at  failure  can  be  correlated  with  the 
amount  of  disturbance  of  the  soil  structure  that  has  taken 
place.  The  effect  of  creep  and  the  indeterminancy  of  the 
exact  failure  strain  precludes  reliable  classification  on 
this  basis  alone. 


5.  The  amount  of  structural  disturbance  in¬ 
fluences  greatly  the  pore  pressure  characteristics  during 
shear.  These  characteristics  are  best  reflected  in  plots 
of  the  ratio  between  induced  pore  pressure  and  deviator 
stress  versus  the  per  cent  strain.  The  per  cent  strain 
corresponding  to  the  peak  value  of  this  curve  may  prove  to 
be  a  useful  criterion  in  evaluating  the  amount  of  weathering 
and  softening  that  an.  overconsolidated  clay-shale  has  under¬ 
gone  . 


From  the  results  of  the  consolidation,  testing 
program  it  can  be  concluded  that: 

6.  The  consolidation  and  swelling  characteristics 
are  very  much  influenced  by  the  angle  between  the  direction 

of  varving  and  that  of  the  major  principal  stress  (i.e .vertical) . 
The  compressive  index  was  found  to  be  reduced  by  a  factor  of 
10  when  the  varves  were  changed  from  a  horizontal  to  a  vertical 
position. 

7.  The  initial  confining  pressure  plays  an  important 
part  in  determining  the  position  of  the  consolidation  curve. 

A  lower  initial  pressure  was  found  to  yield  a  lower  swelling 
pressure  and  a  lower  final  void  ratio  on  both  the  loading 
and  unloading  cycles.  Even  though  the  compressibility  under 
light  pressures  is  greatly  increased  when  swelling  is  allowed 
the  consolidation  curves  were  found  to  become  essentially 
parallel  under  heavy  pressures. 


CHAPTER  10 


RECOMMENDATIONS  FOR  FUTURE  RESEARCH 

On  the  basis  of  experience  with  this  triaxial 
testing  program  the  writer  recommends  that  the  following 
points  be  considered  in  future  research. 

1.  The  practice  of  setting  up  the  sample  under 
water  should  be  discontinued.  Apart  from  the  softening  which 
takes  place  as  a  result  of  this  procedure,  large  variable 
burette  readings  are  obtained.  The  volume  of  water  expelled 
from  the  soil  skeleton  itself  may  only  be  a  small  portion  of 
that  indicated  by  the  burette  and  the  resultant  time  curve 
may  indicate  a  false  degree  of  consolidation. 

2.  The  most  satisfactory  alternate  procedure  is  to 
provide  a  stiff  rubber  !?damn  about  one  quarter  inch  high 
around  the  top  and  bottom  plates.  This  ensures  that  when 
the  cell  is  taken  from  the  cauldron  of  water  with  both  porous 
plates  pointing  upwards  no  air  can  enter  the  leads.  The  soil 
sample,  complete  with  membrane  is  first  placed  on  the  top 
plate,  securely  tied,  inverted  into  position  on.  the  bottom 
plate,  and  tied.  This  results  in  the  inclusion  of  a  small 
amount  of  air  between  the  soil  itself  and  the  membrane,  but 
it  is  likely  to  go  into  solution  if  consolidation  takes  place 
against  a  back  pressure. 

3.  The  most  satisfactory  procedure  for  measuring 
pore  pressure  during  the  consolidation  stage  of  a  test  is 
to  keep  the  valve  connection  (No.  14,  Figure  8)  open  at 
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all  times  and  operate  the  screw  control  leading  to  the  null 
indicator  so  that  the  mercury  level  remains  constant.  It 
was  found  that  when  the  consolidation  process  reached  an 
advanced  stage  there  was  not  sufficient  water  in  the  soil 
to  cause  a  perceptible  movement  in  the  capillary  tube  if  the 
pore  pressure  gauge  was  set  too  low.  However,  if  the  pore 
pressure  dissipation  curve  is  used  only  as  an  indication  of 
the  degree  of  consolidation,  this  time  consuming  process  is 
not  necessary  since  both  the  burette  curve  and  the  dial  curve 
perform  the  same  function. 

4.  Tests  should  be  run  at  a  much  greater  range  of 
cell  pressure  in  order  to  investigate  the  effect  of  the  con¬ 
solidation  pressure  on  the  pore  pressure  characteristics. 
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Description  of  Apparatus* 

The  essential  features  of  the  apparatus  are  illus¬ 
trated  schematically  in  Figure  8  .  The  whole  set-up  can. 

conveniently  be  described  under  two  headings: 

1.  The  apparatus  for  controlling  the  cell  pressure  and 

2.  The  apparatus  for  measuring  pressure. 

The  Cell  Pressure  Apparatus 

The  cell  pressure  control  system  is  so  designed  that 
it  supplies  a  constant  hydraulic  pressure  to  the  soil  sample 
over  an  extended  period  of  time  even  though  volume  changes 
occur  during  the  course  of  a  test.  The  most  obvious  source 
of  volume  change  is  consolidation  of  the  sample  but  expansion 
of  the  cell  itself  and  the  effect  of  minute  leaks  over  several 
days  must  also  be  considered. 

The  constant  pressure  requirement  is  met  by  utilizing 
the  idea  of  self -compensating  mercury  columns.  Three  columns 
are  used  each  one  in  itself  contributing  about  50  psi  to  the 
system.  A  suitable  valve  block  is  attached  whereby  one  column 
alone,  two  in  series,  or  three  in  series  may  be  used. 

Column  one  is  adjustable  and  when  used  singly 
furnishes  a  constant  pressure  in  the  range  of  zero  to  50  psi. 
Columns  one  and  two  in  series  are  used  in  the  range  of  50  to 
100  psi  while  all  three  in  series  supply  pressure  in  the  100 
to  150  psi  range.  Valves  1  to  7,  during  the  course  of  a 
testing  program,  are  opened  and  closed  frequently,  most 
other  valves  being  either  normally  open  or  normally  closed. 

* 


THE  MAIN  FEATURES  OF  THE  APPARATUS  ARE  ESSENTIALLY  THE  SAME  AS 
THOSE  DESCRIBED  IN  REFERENCE  6 
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FIG  8.  SCHEMATIC  DIAGRAM  OF  APPARATUS  . 


In  the  first  pressure  range  valves  1,  2,  and  3  are 
open.  For  operation  in  the  second  range  valve  1  is  closed 
and  4  and  5  are  opened  and  for  operation,  in  the  third  pressure 
range  valve  5  is  closed  and  6  and  7  opened.  These  operations 
can  best  be  summarized  in  tabular  form. 

Pressure  Range  Valves  Open 

zero  -  50  1,  2,  3 

50  -  100  4,  5,  2,  3 

100  -  150  4,  7,  6,  2,  3 

These  valve  numbers  are  quoted  in  order  of  occurrence  along 

the  pressure  line  from  the  mercury  columns  to  the  cell.  As 
a  safety  feature  to  avoid  loss  of  mercury  or  contamination  of 
the  valves  should  the  pressure  in  the  system  be  reduced  to  zero 
by  accidentally  opening  some  valve  communicating  with  the  atmos¬ 
phere  before  first  isolating  the  mercury  columns  each  lower 
cylinder  is  sufficiently  large  to  accommodate  all  the  mercury 
contained  in  one  column. 

It  is  important  to  note  that  when  changing  from  one 
range  to  another  all  valves  in  the  block  except  those  leading 
to  the  screw  control  and  the  cell  (numbers  2  and  3  respectively) 
are  first  closed,  the  cell  pressure  is  then  adjusted  to  some 
value  in  the  new  range  depending  on  the  position  of  the  adjus¬ 
table  cylinder,  and  finally  the  valves  applicable  to  the  new 
system  are  opened. 

The  complete  pressure  control  apparatus  was  first 
assembled  before  introducing  any  water  or  mercury  to  the  system. 
The  adjustable  upper  cylinder  was  then  immersed  in  de -aired 
water,  valve  8  was  closed  to  avoid  damaging  the  pressure  gauge 
and  a  vacuum  was  applied  through  valve  10,  valves  4,  7,  6,  and 


2  being  open.  Working  from  the  adjustable  cylinder  towards 
valve  10  every  cylinder  was  examined  to  ensure  that  no  air 
was  trapped  in.  the  system.  For  the  same  reason,  valves  1  and  5 
were  also  opened  momentarily.  The  suction,  pressure  was  then 
applied  through  valve  13  so  as  to  de-air  the  screw  control 
and  its  access  lead.  With  the  exception  of  the  small  amount 
of  air  trapped  between,  valve  8  and  the  pressure  gauge,  which 
amount  was  likely  to  go  into  solution,  on.  application,  of  pressure, 
the  system  was  then,  essentially  air  free.  Since  the  pressure 
system  was  not  used  to  determine  volume  changes  in.  the  sample 
the  presence  of  small  amounts  of  air  nas  no  detrimental  effect 
beyond  reducing  response  of  the  gauge  when  the  screw  control 
is  manipulated.  This  additional  ,:playH  in.  the  screw  control 
is  due  to  the  high  compressibility  of  the  air  and  its  change 
in  solubility  in  water  with  pressure. 

Equal  quantities  of  mercury  were  then,  introduced  to 
each  of  the  three  lower  cylinders  after  first  removing  the 
top  loads.  The  whole  operation  of  unfastening  the  connections, 
pouring  the  mercury,  and  refastening  was  carried  out  under  water 
to  prevent  the  inclusion,  of  air. 

The  next  operation,  consisted  of  pumping  most  of  the 
mercury  from  the  lower  cylinders  to  the  upper  cylinders  and 
adjusting  the  mercury  to  the  same  level  in  each  cylinder. 

It  may  be  necessary  to  readjust  the  mercury  level  after  a 
test  when  all  three  columns  are  not  used  so  the  various 
steps  are  outlined: 
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1.  To  reduce  the  head  the  adjustable  cylinder  is  lowered 
to  the  bottom  of  its  run. 

2.  Valves  4,  7,  6,  and  2  are  opened  and  the  screw  control 
is  manipulated  until  it  comes  to  the  end  of  its  run. 

3.  The  screw  control  is  then,  refilled  with  water  from  the 
adjustable  cylinder  by  closing  the  aforementioned  valves 
and  opening  valve  1.  (It  is  not  necessary  to  close  all 
the  valves  mentioned  in  step  2  during  this  operation  but 
when  a  technician  is  not  familiar  with  the  system  it  is 
best  to  form  the  habit  of  closing  all  valves  and  then 
opening  the  necessary  ones  when  moving  from  one  step 

to  the  next.) 

4.  Valve  1  is  closed  and  valves  4,  7,  6,  and  2  are  opened  and 
the  pumping  operation  repeated  as  before. 

5.  Steps  3  and  4  are  repeated  as  often  as  is  necessary  to 
bring  the  mercury  in.  the  third  column,  to  the  desired 
elevation. 

6.  The  mercury  level  in  column  2  is  rendered  compatible  with 
that  in  column  3  by  first  closing  all  valves  and  then, 
opening  valves  4,  5,  and  2  and  manipulating  the  screw 
control  as  before. 

7.  Should  it  be  necessary  to  refill  the  screw  control  valves 
4,  5,  and  2  are  closed,  and  valve  1  opened  as  in  step  3. 

8.  These  steps  are  repeated  as  often  as  is  necessary. 

9.  Should  it  be  necessary  to  lower  instead  of  raise  the 
mercury  level  in  column  2  the  screw  control  is  refilled 
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from  column  1  through  column  2  using  valves  4,  5,  and  2. 

10.  The  mercury  level  in  column  1  is  then  adjusted  through 
valve  1. 

At  any  stage  water  lost  from  the  system  during  the 
course  of  a  test  or  by  means  of  leaks  may  be  replenished  from 
the  reservoir  through  valve  11.  However  when  adjusting  the 
levels  in  the  three  columns  this  is  not  necessary  as  the 
volume  of  mercury  and  water  remains  constant,  the  only  problem 
being  one  of  rearrangement.  The  only  reason,  for  adjusting  the 
three  columns  to  the  same  level  is  that  the  loss  in  volume  that 
the  system  can  endure  without  loss  of  pressure  is  equal  to  the 
least  volume  of  mercury  contained  in  the  upper  cylinders.  Thus 
for  maximum  range  and  efficiency  the  same  volume  of  mercury 
should  be  contained  in  each  top  cylinder  in  use. 

The  Pore  Pressure  Apparatus 

The  common  methods  of  measuring  fluid  pressure  require 
some  flow  of  the  fluid  in  order  to  actuate  a  pressure  gauge. 

Such  a  system  would  be  useless  in  the  triaxial  test  because 
firstly  it  drastically  reduces  the  value  of  the  pore  pressure 
and  secondly  a  considerable  time  lag  would  be  required  for  the 
water  to  flow  from  soils  in  the  low  permeability  range.  Con¬ 
sequently  the  apparatus  is  of  necessity  so  designed  that  no 
flow  of  water  from  the  sample  is  required.  This  is  accomplished 
by  supplying  a  pressure  to  one  end  of  a  limb  of  mercury  by  means 
of  a  manual  screw  control  which  is  just  sufficient  to  balance 
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the  pressure  on  the  other  side  of  the  mercury  limb  which 
communicates  directly  with  the  base  of  the  sample  through  a 
small  bore  copper  line.  Thus  the  only  flow  of  water  from  the 
^sample  is  that  due  to  the  deformation,  of  the  lead  between  the 
bottom  porous  plate  and  the  mercury  surface.  To  increase  the 
sensitivity  the  mercury  is  contained  in  a  capillary  tube  so 
that  in  practice  the  volume  of  water  required  to  cause  the 
least  perceptible  movement  of  the  mercury  level  is  incon¬ 
sequential  . 

During  the  consolidation  stage  of  a  test  drainage 
takes  place  from  the  top  of  the  sample.  When  the  deviator 
stress  is  being  applied  the  drainage  valve  is  closed  and  the 
pore  pressure  at  the  base  of  the  sample  is  obtained. 

Provision  is  made  to  install  a  manometer  through 
valve  18  for  use  when  negative  pore  pressures  are  anticipated 
(as  occurs  in  soils  of  high  overconsolidation  ratio)  or  when 
it  is  required  to  determine  small  positive  pressures  with  more 
than  the  usual  precision. 

At  a  later  stage  a  device  which  enables  consolidation 
to  take  place  against  a  back  pressure  was  built.  The  under¬ 
lying  idea  being  to  drive  into  solution  any  air  trapped 
between  the  membrane  and  the  soil  sample.  A  back  pressure  of 
about  30  psi  is  supplied  by  a  self -compensating  mercury  man¬ 
ometer.  The  mercury  level  in  the  cylinders  is  adjusted  by  means 
of  the  same  manual  screw  control  as  is  used  for  supplying  pressure 
to  the  null  indicator.  At  no  time  will  it  be  necessary  to  adjust 
the  mercury  level  in  the  back  pressure  manometer  when  the  null 
indicator  is  in  use. 
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Test  Procedure 

Before  setting  up  a  sample  the  pore  pressure  side 

of  the  apparatus  was  thoroughly  de-aired. 

This  was  accomplished  by  means  of  the  following 

procedure : 

1.  The  base  of  the  triaxial  cell  was  immersed  in  a  cauldron, 
of  boiling  water.  The  water  was  kept  at  the  boiling 
point  for  some  time  in  order  to  drive  off  as  much  air  as 
possible.  During  this  time  the  porous  bronze  plates  were 
immersed  in  water  and  boiled  under  a  suction,  pressure  of 
0.9  atmospheres. 

2.  Valve  No.  17,  leading  to  the  pressure  gauge,  was  closed 
and  with  valve  No.  14  open  a  suction  of  0.4  atmospheres 
was  alternately  applied  at  valve  Nos.  15  and  20.  The 
screw  control  was  turned  in  and  out  rapidly  during  this 
stage . 

3.  After  about  30  minutes  the  suction,  pressure  was  cut  off 
and  the  water  was  allowed  to  cool  to  room  temperature. 

4.  The  effectiveness  of  the  de-airing  operation  was  then, 
tested  by  raising  the  mercury  cup  in  the  null  indicator 
with  valve  No.  14  open.  When  the  mercury  column,  in.  the 
capillary  tube  reached  the  index  on  the  scale  valve  No.  14 
was  closed.  The  pressure  in  the  closed  system  was  then 
raised  by  means  of  the  screw  control.  If  the  pressure  is 
kept  constant  steady  creep  of  the  mercury  level  indicates 
leakage.  A  large  rise  which  is  not  fully  reversible 
generally  indicates  air  bubbles,  which  pass  into  solution 
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at  higher  pressures.  If  the  rise  in  mercury  level  exceeded 
0.2  inches  for  a  pressure  increase  of  50  psi  the  de-airing 

operation  was  repeated  from  the  start.  This  rise  should  be 
fully  reversible  upon  release  of  the  pressure,  thereby 
indicating  the  complete  absence  of  free  air  in  the  system. 

In  such  a  case  the  small  rise  in  the  level  of  the  mercury 
is  due  entirely  to  the  elastic  deformation  of  the  apparatus. 

5.  The  top  and  bottom  porous  plates  were  then  placed  in 
position  under  water.  At  no  time  were  the  plates  allowed 
to  come  in.  contact  with  the  atmosphere. 

6.  A  rubber  membrane  was  slipped  over  a  short  piece  of  shelby 
tube  and  rolled  up  to  within,  two  inches  of  the  end.  This 
end  was  then,  tied  securely  to  the  base  of  the  apparatus. 

The  membrane  was  rolled  down  over  the  edge  of  the  base. 

7.  The  ends  of  a  suitable  length  of  soil  sample  (about  7  inches) 
were  then  trimmed  and  squared  using  a  short  length  of 
sharpened  shelby  tube. 

8.  A  piece  of  filter  paper  was  then  rolled  around  the  prepared 
sample  under  water  and  the  sample  was  placed  in  position  on 
the  base.  The  filter  paper  was  flush  with  the  base  of  the 
sample  and  extended  about  one-half  inch  above  the  top.  The 
strip  was  9  inches  wide,  i.e.  sufficient  to  make  one 
revolution  of  the  sample.  Attempts  were  made  to  install 
filter  strips  instead  of  a  continuous  filter  but  it  was 
found  extremely  difficult  to  keep  the  strips  in  place 
under  water.  The  procedure  used  resulted  in  a  large 
amount  of  water  being  trapped  both  in  the  filter  paper 
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itself  and  between  the  paper  and  the  sample.  This  was 
reflected  in  the  burette  readings  during  the  consolidation 
part  of  the  test. 

9.  The  rubber  membrane  was  then  unrolled  upwards  from  the 
sample  base  to  within  about  one  inch  from  the  top.  The 
top  cap  was  placed  in  position,  the  membrane  was  rolled 
up  and  securely  tied. 

10.  The  cell  was  taken,  from  the  cauldron  of  water  and  placed 
on  the  testing  machine.  It  was  assembled  in  the  usual 
manner,  and  with  valve  No.  3  closed  the  mercury  columns 
were  adjusted  to  give  the  desired  pressure.  Then  with 
valves  Nos.  1,  5,  and  6  closed  and  No.  3  open  the  pressure 
in  the  cell  was  raised  to  this  value.  Then,  depending  on 
the  pressure  range  being  employed,  either  valve  No.  1,  5, 

or  6  was  opened.  The  corresponding  increase  in  pore  pressure 
was  read  on  the  pore  pressure  gauge.  In  some  tests  the  cell 
pressure  was  increased  in  increments  of  5  psi  and  the  corres¬ 
ponding  increases  in  the  pore  pressure  noted. 

11.  After  checking  zero  readings  on  the  burette,  dial,  and  pore 
pressure  gauge  the  drainage  connection  to  the  top  plate 

was  opened.  Readings  on  the  burette,  dial  and  pore  pressure 
gauge  were  taken  at  suitable  intervals  until  all  three  showed 
that  primary. consolidation  was  complete. 

12.  Increments  of  deviator  stress  were  then,  added  to  the  sample 
at  five  minute  intervals.  Pore  pressure  and  dial  readings 
were  taken  every  minute.  Beyond  about  one -half  the  failure 


. 

. 

: 
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load  creep  at  constant  stress  occurred  and  the  four 
minute  readings  were  arbitrarily  taken  as  being  represen¬ 
tative  of  that  increment.  About  thirty  increments  were 
sufficient  to  cause  failure. 

Before  dismantling  the  cell  at  the  end  of  the  test  both 
the  pressure  control  system  and  pore  pressure  apparatus 
were  isolated  by  closing  valves  3  and  14  respectively. 

The  pressure  in  the  null  indicator  was  then,  reduced  to 
atmospheric  using  the  screw  control.  This  is  to  prevent 
the  mercury  in  the  capillary  tube  coming  in  contact  with 
either  valves  14  or  15  should  they  be  opened  before 
releasing  the  pressure. 


i  j  y 


PORE  PRESSURE  GAUGE  [pSI 


CELL  PRESSURE  GAUGE  |PSI 


APPENDIX  3 


TEST  DATA 


HOLE  NO. 10  -  DEPTH  55  ft. 


Inorganic  medium  plastic  day;  light  and  dark  varves  very 
distinct;  no  apparent  distortion  of  the  varves. 

Liquid  limit  =  71.0  % 

Plasticity  index  =  44.7  % 


Natural  moisture 

content  =  31.3  % 

Cell  pressure 
Length  of  sample 

=  90  psi 

=  6.50  inches 

Zero  reading  on  pore  pressure  gauge  =  3.0  psi 


Elapsed 

Burette 

Time 

(mins) 

Reading 

(ml) 

0.0 

0.0 

0.25 

4.2 

0.5 

4.9 

1 

6.1 

2 

8.2 

4 

10.8 

8 

14.2 

15 

18.4 

30 

24.0 

80 

32.5 

150 

37.8 

380 

43.7 

710 

46.1 

1480 

48.0 

Load  ( 

Pan 

(grami 

0 

150 

250 

350 

450 

550 

650 

750 

850 


1 


Elapsed 

Time 

(mins) 

HOLE  NO. 

10  -  DEPTH  55 

ft. 

Deviator 
Stress 
kg/ cm^ 

Dial 

Reading 

(0.0001") 

Pore  Pressure 
Gauge 

1  (psi) 

Strain 

% 

0 

8680 

3.0 

0 

1 

8651 

4.5 

2 

8650 

4.8 

3 

8650 

4.9 

4 

8650 

5.0 

0.05 

0.38 

5 

6 

8634 

7.2 

7 

8633 

7.3 

8 

8632 

7.3 

9 

8631 

7.3 

0.08 

0.63 

10 

11 

8623 

9.9 

12 

8621 

10  .3 

13 

8621 

10.4 

14 

8621 

10.4 

0.09 

0.88 

15 

16 

8610 

13.5 

17 

8609 

13.6 

18 

8608 

13.7 

19 

8607 

13.8 

20 

8606 

13.8 

21 

8605 

13.9 

22 

8604 

13.9 

23 

8603 

13.9 

24 

8602 

13.9 

0.12 

1.13 

25 

26 

8591 

16.6 

27 

8589 

16.6 

28 

8587 

16.6 

29 

8586 

16.6 

0.14 

1.38 

30 

31 

8565 

19.0 

32 

8562 

19.0 

33 

8560 

19.3 

34 

8559 

19.3 

0.18 

1.63 

35 

36 

8539 

21.9 

37 

8535 

22.0 

38 

8530 

22.0 

39 

8528 

22.0 

0.23 

1.88 

40 

41 

8508 

24.6 

42 

8500 

24.6 

43 

8498 

24.6 

44 

8493 

24.8 

0.29 

2.13 

68 


71 


71 


72 


73 


• 

'  • 

. 
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HOLE  NO.  10  -  DEPTH  55  ft. 


Load  on 
Pan 

(grains) 

^lapsed 

Time 

(mins) 

Dial 

Reading 

(0.0001*) 

Pore  Pressure 
Gauge 
(psi) 

Strain 

% 

Deviator 
Stress 
kg/ cm2 

X 

% 

950 

45 

46 

8470 

27.8 

47 

8461 

27.8 

48 

8456 

27.8 

49 

8452 

27.8 

0.35 

2.38 

73 

1050 

50 

51 

8428 

30.2 

52 

8419 

30.2 

53 

8412 

30.2 

54 

8409 

30.2 

0.42 

2.62 

74 

1150 

55 

56 

8381 

32.6 

57 

8372 

32.6 

58 

8367 

32.6 

59 

8362 

32.6 

0.49 

2.88 

73 

1250 

60 

61 

8330 

35.0 

62 

8320 

35.0 

63 

8313 

35.0 

64 

8308 

35.0 

0.57 

3.12 

73 

1350 

65 

66 

3276 

37.0 

67 

3266 

37.0 

68 

3259 

37.0 

69 

3252 

37.0 

0.66 

3.36 

72 

1450 

70 

71 

8218 

38.2 

72 

8208 

38.2 

73 

8200 

38.2 

74 

8196 

38.2 

0.74 

3.61 

69 

1550 

75 

76 

8160 

40.9 

77 

8149 

40.9 

78 

8139 

40.9 

79 

8132 

40.9 

0.84 

3.85 

70 

1650 

80 

81 

8090 

43.1 

82 

8080 

43.1 

83 

8071 

43.1 

84 

8063 

43.1 

0.95 

4.10 

69 

1750 

85 

86 

8024 

43.9 

87 

8010 

43.9 

88 

8006 

43.9 

89 

8000 

43.9 

1.05 

4.35 

67 

lAJ 


Load  on 
Pan 

(grains) 

1850 


1950 


2050 


2150 


2250 


2350 


2450 


2550 


2650 


Elapsed 

Time 

(mins) 

HOLE  NO. 

10  -  DEPTH  55 

ft. 

Deviator 
Stress 
kg/ cm2 

Dial 

Reading 

(0.0001") 

Pore  Pressure 
Gauge 
(psi) 

Strain 

% 

90 

91 

7929 

45.5 

92 

7915 

45.5 

93 

7905 

45.5 

94 

7898 

45.5 

1.20 

4.58 

95 

96 

7854 

47.5 

97 

7838 

46.1 

98 

7829 

46.1 

99 

7820 

46.1 

1.32 

4.83 

100 

101 

7773 

48.6 

102 

7759 

48.6 

103 

7746 

46.9 

104 

7735 

46.9 

1.45 

5.08 

105 

106 

7695 

48.3 

107 

7670 

48.1 

108 

7651 

47.7 

109 

7640 

47.7 

1.60 

5.30 

110 

111 

7580 

48.1 

112 

7554 

48.1 

113 

7535 

48.1 

114 

7520 

47.7 

1.79 

5.54 

115 

116 

7454 

49.8 

117 

7427 

49.3 

118 

7404 

48.7 

119 

7439 

48.7 

1.99 

5.78 

120 

121 

7320 

49.9 

122 

7283 

48.8 

123 

7255 

48.3 

124 

7232 

48.8 

2.07 

6.02 

125 

126 

7135 

50.1 

127 

7095 

50.1 

128 

7059 

50.1 

129 

7029 

48.6 

2.54 

6.24 

130 

131 

6920 

49.8 

132 

6855 

48.8 

133 

6808 

48.8 

134 

6770 

47.5 

2.94 

6.45 

£ 

% 


66 


63 


64 


60 


57 


56 


54 


52 


49 


14i 


HOLE  NO.  10  -  DEPTH  55  ft. 


Load  on 

Elapsed 

Dial 

Pore  Pressure 

Deviator 

Pan 

Time 

Reading 

(0.0001*) 

Gauge  Strain 

Stress 

(grams) 

(mins) 

(psi)  7o 

kg/ cm^ 

2750 

135 

136 

6600 

48.9 

137 

6525 

48.5 

138 

6456 

48.3 

139 

6393 

48.0 

140 

6337 

46.1 

141 

6284 

46.1  3.69 

6.64 

144 


HOLE  NO.  6  -  DEPTH  45  ft. 


Inorganic  medium  plastic  clay;  varves  very  distinct,  inclined 
at  30  degrees  to  the  horizontal,  no  evidence  of  distortion. 


Liquid  limit  =  72.0  % 

Plasticity  index  =  39.8  % 

Natural  moisture  content  =  32.2  7e 


Cell  pressure 
Length  of  sample 

Zero  reading  on.  pore  pressure  gauge 


100  psi 
7.70  inches 
2.6  psi 


Elapsed 
Time 
(mins  ) 

Burette 

Reading 

(ml) 

Pore  Pressure 
Gauge 
(psi) 

Pore 

Pressure 

Dissipation 

(psi) 

Dissipation 

7o 

0.0 

0.0 

97.3 

0.0 

0.0 

0.25 

4.8 

95.0 

2.3 

2.4 

0.5 

6.2 

91.0 

6.3 

6.7 

1 

8.0 

86.6 

10.7 

11.3 

2 

10.4 

81.8 

15.5 

16.4 

4 

13.3 

75.5 

21.8 

23.0 

7 

15.9 

69.8 

27.5 

29.1 

15 

20.0 

61.8 

35.5 

37.5 

30 

24.4 

52.4 

44.9 

47.4 

80 

31.4 

39.0 

58.3 

61.6 

170 

36.7 

28.5 

68.8 

72.7 

360 

41.0 

19.2 

78.1 

82.5 

800 

44.7 

10.0 

87.3 

92.3 

1510 

46.8 

6.2 

91.1 

96.3 

3015 

48.3 

5.6 

91.7 

96.9 

HOLE  NO.  6  -  DEPTH  45  ft. 
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Load  on 
Pan 

(grams) 


Elapsed 

Time 

(mins) 


Dial  Pore  Pressure  Deviator 

Reading  Gauge  Strain  Stress 
(0.0001’’)  (psi)  7o  kg/cm2 


£ 

% 


0 

0 

7830 

3.0 

100 

0 

1 

7824 

4.2 

2 

7824 

4.2 

3 

7824 

4.2 

4 

7824 

4.2 

200 

5 

6 

7814 

5.6 

7 

7813 

5.6 

8 

7812 

5.6 

9 

7811 

5.6 

300 

10 

11 

7800 

7.2 

12 

7798 

7.4 

13 

7797 

7.6 

14 

7797 

7.6 

400 

15 

16 

7782 

9.4 

17 

7780 

9.4 

18 

7779 

9.6 

19 

7778 

9.6 

500 

20 

21 

7723 

11.8 

'22 

7717 

11.8 

23 

7712 

12.0 

24 

7748 

12.0 

600 

25 

26 

7723 

14.2 

27 

7717 

14.4 

28 

7712 

14.4 

29 

7709 

14.4 

700 

30 

31 

7680 

16.2 

32 

7670 

16.2 

33 

7663 

16.4 

34 

7658 

16.4 

800 

35 

36 

7625 

18.4 

37 

7615 

18.8 

38 

7609 

18.8 

39 

7601 

18.8 

900 

40 

41 

7560 

20.8 

42 

7548 

21.0 

43 

7540 

21.0 

44 

7532 

21.0 

0.01  0.25  32 


0.02  0.50  36 


0.04  0.75  46 


0.07  1.01  46 


0.11  1.26  50 


0.16  1.51  53 


0.22  1.75  54 


0.30  2.00  55 


0.38 


2.26 


56 


HOLE  NO.  6  -  DEPTH  45  ft. 


l4o 


Load  on 
Pan 

(grams) 

Elapsed 

Time 

(mins) 

Dial  Pore  Pressure 

Reading  Gauge 

(0.0001")  (psi) 

Strain 

% 

Deviator 
Stress 
kg/ cm^ 

1000 

45 

46 

7491 

23.0 

47 

7476 

23.2 

48 

7465 

23.2 

49 

7457 

23.2 

0.48 

2.50 

1100 

50 

51 

7411 

25.0 

52 

7394 

25.0 

53 

7382 

25.0 

54 

7375 

25.0 

0.59 

2.75 

1200 

55 

56 

7321 

26.6 

57 

7305 

26.8 

58 

7291 

26.8 

59 

7281 

26.8 

0.71 

2.99 

1300 

60 

61 

7227 

28.2 

62 

7207 

28.2 

63 

7192 

28.2 

64 

7181 

28.2 

0.84 

3.24 

1400 

65 

66 

7121 

30.0 

67 

7100 

29.6 

68 

7086 

29.6 

69 

7073 

29.6 

0.98 

3.48 

1500 

70 

71 

7009 

31.4 

72 

6981 

31.4 

73 

6962 

31.2 

74 

6947 

31.2 

1.15 

3.71 

1600 

75 

76 

6871 

32.8 

77 

6843 

32.8 

78 

6821 

32.6 

79 

6805 

32.2 

1.33 

3.96 

1700 

80 

81 

6720 

34.0 

82 

6696 

34.0 

83 

6660 

33.4 

84 

6640 

33.4 

1.55 

4.20 

1800 

85 

86 

6548 

34.8 

87 

6503 

34.6 

88 

6480 

34.4 

89 

6455 

34.2 

1.79 

4.43 

A 

7o 


57 


56 


56 


55 


53 


53 


52 


51 


50 


147 


HOLE  NO.  6  -  DEPTH  45  ft. 


Load  on 
Pan 

(grams) 

Elapsed 

Time 

(mins) 

Dial 

Reading 

(0.0001* 

Pore  Pressure 
Gauge 
)  (psi) 

Strain 

70 

Deviator 

Stress 

kg/ cm2 

I 

% 

1900 

90 

91 

6337 

36.0 

92 

6279 

35.6 

93 

6240 

35.2 

94 

6209 

35.0 

2.11 

4.68 

48 

2000 

95 

96 

5950 

36.2 

2.44 

4.89 

48 

97 

5650 

34.4 

2.83 

4.88 

45 

98 

5130 

31.2 

3.51 

4.84 

41 

99 

4850 

28.2 

3.87 

4.82 

37 

100 

4600 

27.6 

4.20 

4.80 

36 

101 

4330 

26.4 

4.55 

4.79 

34 

102 

4050 

25.8 

4.91 

4.77 

34 

103 

3750 

25.0 

5.30 

4.75 

34 

104 

3440 

24.8 

5.70 

4.73 

33 

148 


HOLE  NO.  13  -  DEPTH  55  ft. 


Inorganic  medium  plastic  clay;  varves  very  distinct;  no 
evidence  of  distortion. 

Liquid  limit  =  59.8  % 
Plasticity  index  =  34.7  % 
Natural  moisture  content  =  26.6  % 


Cell  pressure 

Length  of  sample  = 

Zero  reading  on  pore  pressure  gauge  = 


100  psi 
7.10  inches 
2.6  psi 


Pore 


Elapsed 

Time 

(mins) 

Burette 

Reading 

(ml) 

Pore  Pressure 
Gauge 
(psi) 

Pressure 

Dissipation. 

(psi) 

Dissipation 

% 

0.0 

0.0 

98.2 

0.0 

0.0 

0.25 

3.2 

96.0 

2.2 

2.3 

0.5 

4.3 

94.0 

4.2 

4.5 

1 

5.9 

89.6 

8.6 

9.1 

2 

8.1 

84.2 

14.0 

14.9 

4 

10.8 

76.2 

22.0 

23.4 

8 

13.7 

66.0 

32.2 

34.2 

15 

16.9 

58.2 

40.0 

42.4 

30 

21.2 

48.8 

49.4 

52.5 

60 

26.3 

38.6 

59.6 

63.3 

125 

32.1 

29.6 

68.6 

72.9 

280 

36.4 

19.4 

78.8 

83.7 

500 

37.8 

12.8 

85.4 

90.7 

1035 

39.5 

7.0 

91.2 

96.8 

3020 

40.4 

4.2 

94.0 

99.8 

Load  on 
Pan 

(grams) 


0 

100 


200 


300 


400 


500 


600 


700 


800 


900 
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HOLE  NO.  13  -  DEPTH  55  ft. 

Elapsed  Dial  Pore  Pressure 
Time  Reading  Gauge  Strain 

(mins)  (0.0001n)  (psi)  % 


Deviator 

Stress 

kg/  cm^  % 


0 

9061 

4.2 

0 

1 

9048 

5.8 

2 

9048 

5 . 6 

3 

9048 

5.6 

4 

9048 

5.6 

5 

6 

9020 

7.4 

7 

9020 

7.4 

8 

9020 

7.4 

9 

9020 

7.4 

10 

11 

9002 

9.4 

12 

9001 

9.4 

13 

9000 

9.4 

14 

9000 

9.4 

15 

16 

8980 

11.6 

17 

8979 

11.6 

18 

8978 

11.6 

19 

8977 

11.6 

20 

21 

8953 

13.4 

22 

8950 

13.4 

23 

8948 

13.2 

24 

8946 

13.2 

25 

26 

8920 

15.8 

27 

8917 

15.8 

28 

8913 

15.8 

29 

8910 

15.8 

30 

31 

8888 

18.2 

32 

8884 

18.2 

33 

8879 

18.2 

34 

8876 

18.2 

35 

36 

8848 

20.6 

37 

8840 

20.6 

38 

8830 

20.6 

39 

8831 

20.6 

40 

41 

8802 

22.8 

42 

8795 

22.8 

43 

8790 

22.8 

44 

8186 

22.8 

0.02 


0.06 


0.09 


0.12 


0.16 


0.21 


0.26 


0.32 


0.39 


0.25  40 


0.50  45 


0.75  49 


1.00  52 


1.25  50 


1.50  55 


1.76  56 


2.01  58 


2.35  58 


HOLE  NO.  13  -  DEPTH  55  ft. 


Deviator 
Stress  ~K 
kg/ cm2  % 


Load  on 
Pan 

(grams) 


1000 


1100 


1200 


1300 


1400 


1500 


1600 


1700 


0 


Elapsed  Dial  Pore  Pressure 
Time  Reading  Gauge 

(mins)  (0.0001'1)  (psi) 


45 

46 

8753 

25.2 

47 

8741 

25.4 

48 

8734 

25.0 

49 

8729 

25.0 

50 

51 

8693 

27.6 

52 

8681 

27.6 

53 

8673 

27.6 

54 

8666 

27.6 

55 

56 

8630 

28.8 

57 

8620 

29.0 

58 

8610 

29.2 

59 

8602 

29.2 

60 

61 

8567 

31.0 

62 

8551 

31.2 

63 

8541 

31.0 

64 

8532 

31.0 

65 

66 

8492 

33.4 

67 

8478 

33.2 

68 

8467 

32.8 

69 

8460 

32.4 

70 

8453 

32.4 

71 

8448 

32.4 

72 

73 

8410 

34.0 

74 

8398 

34.0 

75 

8390 

34.8 

76 

8383 

33.6 

77 

8377 

33.4 

78 

8372 

33.6 

79 

8368 

33.6 

80 

31 

8330 

35.6 

82 

8317 

35.0 

33 

8307 

35.0 

84 

8299 

35.0 

85 

86 

8250 

37.4 

87 

8231 

37.2 

88 

8219 

37.2 

39 

8214 

37.2 

Strain 

% 


0.47 


0.56 


0.65 


0.75 


0.36 


0.99 


1.07 


1.19 


2.50  59 


2.75  60 


2.99  59 


3.24  58 


3.49  57 


3.73  56 


3.97  55 


4.22  55 


lbi 


Load  on 
Pan 

(grams) 


1800 


1900 


2000 


2100 


2200 


Elapsed 

Time 

(mins) 

HOLE  NO. 

13  -  DEPTH  55 

ft. 

Deviator 
Stress 
kg/  cm^ 

Dial 

Reading 

(0.0001n) 

Pore  Pressure 
Gauge 
(psi) 

Strain 

% 

90 

91 

8157 

39.0 

92 

8136 

38.8 

93 

8121 

38.4 

94 

8111 

38.4 

1.34 

4.42 

95 

96 

8058 

40.4 

97 

8038 

40.2 

98 

8024 

40.0 

99 

8009 

39.6 

100 

8000 

39.4 

101 

7993 

39.2 

102 

7987 

39.0 

103 

7980 

39.0 

104 

7974 

38.8 

105 

7968 

38.4 

106 

7963 

38.4 

107 

7957 

38.4 

1.56 

4.69 

108 

109 

7917 

40.2 

110 

7901 

40.2 

111 

7890 

39.8 

112 

7880 

39.6 

113 

7871 

39.4 

114 

7863 

39.4 

115 

7856 

39.0 

116 

7848 

38.8 

117 

7841 

38.8 

1.72 

4.94 

118 

119 

7797 

40.6 

120 

7777 

40.4 

121 

7700 

40.2 

122 

7748 

40.2 

123 

7736 

40.2 

1.87 

5.17 

124 

125 

7666 

41.8 

126 

7634 

41.6 

127 

7608 

41.4 

128 

7590 

41.2 

129 

7573 

41.0 

130 

7559 

40.8 

131 

7543 

40.6 

132 

7530 

40.4 

133 

7519 

40.4 

134 

7508 

40.2 

135 

7500 

40.0 

136 

7492 

39.8 

137 

7484 

39.8 

138 

7477 

39.4 

139 

7469 

39.4 

2.23 

5.38 

46 


HOLE  NO.  13  -  DEPTH  55  ft. 


Load  on 
Pan 

(grains) 

2300 


2400 


2500 


2600 


11)2 


Elapsed 

Time 

(mins) 

Dial  Pore  Pressure 

Pveading  Gauge 

(0.0001M)  (psi) 

Strain 

% 

Dev ia tor 
Stress 
kg/  cm^ 

140 

141 

7420 

41.4 

142 

7390 

41.2 

143 

7367 

41.0 

144 

7348 

40.8 

145 

7317 

40.4 

2.46 

5.62 

146 

147 

7224 

42.2 

148 

7190 

41.8 

149 

7154 

41.6 

150 

7125 

41.4 

2.72 

5.89 

151 

152 

6985 

43.0 

153 

6912 

42.6 

154 

6867 

42.4 

155 

6811 

42.0 

3.17 

6.06 

156 

157 

6635 

43.4 

158 

6640 

43.4 

159 

6455 

42.6 

160 

6380 

42.2 

161 

6307 

41.8 

162 

6232 

41.4 

163 

6080 

40.8 

4.37 

6.24 

. 

. 

, 

* 

■ 

- 

.  , 

. 

4 
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HOLE  NO.  8  -  DEPTH  60  ft. 


153 


Inorganic  slightly  plastic  clayey  silt;  distinct  varving 
present  with  no  apparent  distortion;  light  varves  are  very 
friable  and  dry  rapidly  on  exposure  to  the  atmosphere. 


Liquid  limit  =  25.3  % 
Plasticity  index  =  5.3  X 
Natural  moisture  content  =  29.2  7o 


Cell  pressure  = 

Length  of  sample 

Zero  reading  on  pore  pressure  gauge  = 


100  psi 
6.53  inches 
2.2  psi 


Elapsed 

Time 

(mins) 

Burette 

Reading 

(ml) 

0.0 

0.0 

0.25 

4.5 

0.5 

6.0 

1 

8.2 

2 

10.6 

4 

13.8 

8 

17.9 

15 

21.7 

30 

25.4 

60 

27.6 

120 

28.8 

225 

29.6 

585 

30.6 

1305 

31.0 

,  .  :  :  . .  ■ 


Ib4 


HOLS  NO.  8  -  DEPTH  60  ft. 


Load  on 
Pan 

(grams) 

Elapsed 

Time 

(mins) 

Dial 

Reading 

(0.0001") 

Pore  Pressure 
Gauge 
(psi) 

Strain 

% 

Deviator 
Stress 
kg/  cm2 

0 

0 

7210 

2.2 

100 

0 

1 

7197 

2.8 

2 

7197 

2.8 

3 

7197 

2.6 

4 

7197 

2.6 

0.02 

0.25 

200 

5 

6 

7182 

3.0 

7 

7182 

3.0 

8 

7182 

3.0 

9 

7182 

3.0 

0.04 

0.50 

300 

10 

11 

7169 

4.4 

12 

7169 

4.4 

13 

7168 

4.4 

14 

7168 

4.4 

0.06 

0.75 

400 

15 

16 

7153 

5.4 

17 

7152 

5.4 

18 

7150 

5.4 

19 

7150 

5.4 

0.09 

1.00 

500 

20 

21 

7144 

6.0 

22 

7143 

6.0 

23 

7142 

6.0 

24 

7141 

6.0 

0.11 

1.25 

600 

25 

26 

7130 

7.6 

27 

7129 

7.6 

28 

7128 

7.6 

29 

7127 

7.6 

0.13 

1.50 

700 

30 

31 

7116 

9.0 

32 

7111 

9.0 

33 

7111 

9.0 

34 

7111 

9.0 

0.15 

1.75 

800 

35 

36 

7098 

10.8 

37 

7095 

10.8 

38 

7093 

10.8 

39 

7091 

10.8 

0.17 

2.00 

900 

40 

41 

7079 

12.2 

42 

7075 

12.2 

43 

7072 

12.2 

44 

7070 

12.2 

0.21 

2.25 

A 

7o 


10 


20 


20 


23 


22 


25 


27 


30 


31 


. 


. 

HOLE  NO.  8  -  DEPTH  60  ft. 


11)0 


Load  on 
Pan 

(grams) 

Elapsed 

Time 

(mins) 

Dial 

Reading 

(0.0001") 

Pore  Pressure 
Gauge 
(psi) 

Strain 

% 

Deviator 
Stress 
kg/ cm2 

1000 

45 

46 

7053 

13.8 

47 

7050 

13.8 

48 

7048 

14.0 

49 

7046 

14.0 

0.25 

2.50 

1100 

50 

51 

7029 

15.4 

52 

7025 

15.4 

53 

7022 

15.6 

54 

7020 

15.6 

0.29 

2.75 

1200 

55 

56 

7002 

17.4 

57 

6998 

17.4 

58 

6994 

17.4 

59 

6990 

17.4 

0.34 

3.00 

1300 

60 

61 

6973 

19.0 

62 

6968 

19.0 

63 

6964 

19.2 

64 

6960 

19.2 

0.38 

3.25 

1400 

65 

66 

6941 

20.6 

67 

6936 

20.8 

68 

6932 

20.8 

69 

6930 

20.8 

0.42 

3.50 

1500 

70 

71 

6910 

22.6 

72 

6903 

22.6 

73 

6899 

22.6 

74 

6895 

22.6 

0.48 

3.75 

1600 

75 

76 

6877 

23.8 

77 

6870 

23.8 

78 

6865 

24.0 

79 

6861 

24.0 

0.53 

4.00 

1700 

80 

81 

6842 

25.2 

82 

6836 

25.2 

83 

6831 

25.4 

84 

6827 

25.4 

0.59 

4.24 

1800 

85 

85 

6806 

26.8 

87 

6800 

26.8 

88 

6793 

27.0 

89 

6789 

27.0 

0.64 

4.48 

I 

% 


33 


34 


36 


37 


37 


38 


38 


38 


39 


HOLE  NO.  8  -  DEPTH  60  ft. 


156 


Load  on 

Elapsed 

Dial 

Pore  Pressure 

Deviator 

Pan 

Time 

Reading 

Gauge 

Strain 

Stress 

(grams) 

(mins) 

(o.oooi"; 

•  (psi) 

7o 

kg/  cm2 

1900 

90 

91 

6870 

28.4 

92 

6759 

28.4 

93 

6752 

28.6 

94 

6848 

28.6 

0.71 

4.74 

2000 

95 

96 

6723 

30.0 

97 

6714 

30.0 

98 

6709 

30.0 

99 

6703 

30.2 

0.78 

4.99 

2100 

100 

101 

6678 

31.6 

102 

6670 

31.6 

103 

6663 

31.8 

104 

6657 

31.8 

0.85 

5.23 

2200 

105 

106 

6634 

32.8 

107 

6625 

33.0 

108 

6618 

33.0 

109 

6613 

33.0 

0.91 

5.47 

2300 

110 

111 

6589 

33.8 

112 

6581 

33.8 

113 

6573 

34.0 

114 

6566 

34.2 

0.99 

5.72 

2400 

115 

116 

6540 

35.0 

117 

6531 

35.0 

118 

6524 

35.2 

119 

6519 

35.2 

1.06 

5.97 

2500 

120 

121 

6492 

36.0 

122 

6484 

36.0 

123 

6474 

36.2 

124 

6470 

36.2 

1.13 

6.21 

2600 

125 

126 

6442 

37.2 

127 

6433 

37.2 

128 

6425 

37.2 

129 

6419 

37.2 

1.21 

6.45 

2700 

130 

131 

6392 

38.0 

132 

6380 

38.2 

133 

6771 

37.8 

134 

6365 

37.8 

1.29 

6.69 

J 

7o 


39 


40 


40 


40 


39 


39 


38 


38 


37 


HOLE  NO.  8  -  DEPTH  60  ft. 


157 


Load  on 

Elapsed 

Dial 

Pore  Pressure 

Deviator 

Pan 

Time 

Reading 

Gauge 

Strain 

Stress 

(grams) 

(  mins) 

(0.0001,r) 

(psi) 

% 

kg/ cm^ 

2800 

135 

136 

6334 

38.8 

137 

6325 

38.8 

138 

6317 

38.8 

139 

6310 

38.8 

1.38 

6.69 

2900 

140 

141 

6279 

39.8 

142 

6267 

39.6 

143 

6257 

39.6 

144 

6249 

39.8 

1.47 

7.17 

3000 

145 

146 

6218 

40.4 

147 

6105 

40.4 

148 

6194 

40.4 

149 

6185 

40.4 

1.57 

7.40 

3100 

150 

151 

6051 

41.0 

152 

6038 

41.0 

153 

6026 

41.0 

154 

6115 

41.0 

1.68 

7.65 

32  0  0 

155 

156 

6080 

41.8 

157 

6065 

41.6 

158 

6052 

41.4 

159 

6041 

41.4 

1.79 

7.89 

3300 

160 

161 

6000 

42.0 

162 

5985 

42.0 

163 

5969 

42.0 

164 

5950 

42.0 

1.93 

8.13 

3400 

165 

166 

5915 

42.6 

167 

5889 

42.4 

168 

5879 

42.4 

169 

5355 

42.4 

2.07 

8.36 

3500 

170 

171 

5800 

43.0 

172 

5776 

42.8 

173 

5756 

42.6 

174 

5740 

42.6 

2.25 

8.58 

3600 

175 

176 

5674 

43.2 

177 

5647 

43.0 

178 

5621 

42.8 

179 

5595 

42.8 

2.47 

8.80 

E 

% 


37 


37 


36 


36 


35 


34. 


34 


33 


32 


Ib8 


HOLE  NO.  8  -  DEPTH  60  ft. 


Load  on 
Pan 

(grams) 

Elapsed 

Time 

(mins) 

Dial  Pore  Pressure 

Reading  Gauge  Strain 

(0.0001s)  (psi)  7o 

Deviator 

Stress 

kg/ cm2 

i 

% 

3700 

180 

181 

5528 

43.2 

182 

5594 

42.8 

183 

5566 

42.6 

184 

5544 

42.6  2.70 

9.02 

32 

3800 

185 

186 

5371 

43 . 0 

187 

5326 

43.0 

188 

5296 

42.8 

189 

5261 

42.8  2.99 

9.24 

31 

3900 

190 

191 

5140 

42.8 

192 

5070 

42 . 6 

193 

5010 

42.6  3.37 

9.44 

30 

HOLE  NO.  16  -  DEPTH  45  ft. 


159 


Inorganic  silty  clay  of  low  plasticity;  no  evidence  of  varves; 
many  stones  present;  sample  not  representative. 


Liquid  limit 

Plasticity  index 

Natural  moisture  content  = 

Cell  pressure  = 

Length  of  sample 

Zero  reading  on.  pore  pressure  gauge  = 

Elapsed  Burette 

Time  Reading 

(mins)  (ml) 

41.0 

23.2 

20.0 

110 

6.60 

2.0 

7> 

% 

1 

psi 

inches 

psi 

0.0 

0.0 

0.25 

1.0 

0.5 

1.3 

1 

1.8 

2 

2.5 

4 

3.4 

8 

4.8 

15 

6.3 

30 

8.2 

60 

10.4 

120 

12 .8 

155 

13.8 

450 

17.7 

800 

19.8 

1170 

20.8 

2310 

21.9 

- 


. 

. 


■ 


' 


Load  on 
Pan 

(grains) 


0 

100 


200 


300 


400 


500 


600 


700 


800 


900 


lo«i 


HOLE  NO.  16  -  DEPTH  45  ft. 


Elapsed  Dial  Pore  Pressure  Deviator 

Time  Reading  Gauge  Strain  Stress 

(mins)  (0.0001")  (psi)  °L  kg/cm^ 


0 

8590 

5.3 

0 

1 

8584 

7.2 

2 

8584 

7.2 

3 

8584 

7.2 

4 

8584 

7.2 

0.01 

5 

6 

8576 

8.2 

7 

8575 

8.6 

8 

8575 

8.6 

9 

8575 

8.6 

0.02 

10 

11 

8565 

9.8 

12 

8564 

10.0 

13 

8564 

10.0 

14 

8563 

10.0 

0.04 

15 

16 

8552 

11.6 

17 

8551 

11.6 

18 

8580 

11.6 

19 

8550 

11.6 

0.06 

20 

21 

8537 

13.0 

22 

8533 

13.0 

23 

8532 

13.0 

24 

8531 

13.0 

0.09 

25 

26 

8516 

14.6 

27 

8511 

14.8 

28 

8510 

14.8 

29 

8519 

14.8 

0.11 

30 

31 

8489 

16.4 

32 

8483 

16.6 

33 

8481 

16.6 

34 

8480 

16.6 

0.14 

35 

36 

8456 

18.4 

37 

8451 

18.6 

38 

8447 

18.6 

39 

8443 

18.6 

0.22 

40 

41 

8420 

20.2 

42 

8413 

20.2 

43 

8419 

20.2 

44 

8415 

20.2 

0.27 

0.25 


0.50 


0.75 


1.0 


1.26 


1.51 


1.76 


2.00 


T 

% 


52 


46 


44 


44 


43 


44 


45 


47 


2.26 


46 


. 


. 


. 


. 

' 


.  .  •  i 
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HOLE  NO.  16  -  DEPTH  45  ft. 


1  b  i 


Load  on 
Pan 

(grains) 


Elapsed 

Time 

(mins) 


Dial  Pore  Pressure 
Reading  Gauge 

(0.0001”)  (psi) 


Strain 

% 


Deviator 
Stress 
kg / cm2 


% 


1000 

45 

46 

8378 

22.2 

47 

8369 

22.2 

48 

8362 

22.2 

49 

8358 

22.2 

0.35 

1100 

50 

51 

8330 

23.6 

52 

8319 

23.8 

53 

8312 

23.8 

54 

8306 

23.8 

0.43 

1200 

55 

56 

8273 

25.2 

57 

8262 

25.4 

58 

8254 

25.4 

59 

8249 

25.4 

0.52 

1300 

60 

61 

8213 

26.8 

62 

8201 

26.8 

63 

8192 

26.8 

64 

8185 

26.8 

0.61 

1400 

65 

66 

8148 

28.0 

67 

8134 

28.8 

68 

8124 

28.8 

69 

8118 

28.8 

0.71 

1500 

70 

71 

8078 

30.2 

72 

8060 

30.2 

73 

8049 

30.2 

74 

8040 

30.2 

0.84 

1600 

75 

76 

7995 

32.8 

77 

7977 

32.8 

78 

7963 

32.8 

79 

7955 

32.8 

0.90 

1700 

80 

81 

7904 

33.8 

82 

7888 

33.8 

83 

7873 

33.8 

84 

7862 

33.8 

1.09 

1800 

85 

86 

7810 

35.0 

87 

7789 

35.0 

88 

7773 

35.0 

89 

7760 

35.0 

1.26 

2.51  47 


2.75  47 


3.00  47 


3.25  46 


3.49  48 


3.74  47 


3.98  49 


4.21  48 


4.46 


47 


Ib2 


HOLE  NO.  16  -  DEPTH  45  ft. 


Load  on 
pan 

(grams) 

Elapsed 

Time 

(mins) 

Dial  Pore  Pressure 

Reading  Gauge 

(0.00Qln)  (psi) 

Strain 

7o 

Deviator 
Stress 
kg/  cm^ 

1900 

90 

91 

7701 

37.2 

92 

7679 

37.2 

93 

7659 

37.2 

94 

7645 

37.2 

1.43 

4.70 

2000 

95 

96 

7582 

39.2 

97 

7553 

39.2 

98 

7530 

39.2 

99 

7515 

39.2 

1.63 

4.94 

2100 

100 

101 

7438 

40.8 

102 

7405 

40.8 

103 

7380 

40.8 

104 

7357 

40.8 

1.87 

5.17 

2200 

105 

106 

7268 

42.6 

107 

7226 

42.6 

108 

7193 

42.6 

109 

7170 

42.6 

2.15 

5.40 

2300 

110 

111 

7061 

43.8 

112 

7013 

43.8 

113 

6971 

43.8 

114 

6938 

43.8 

2.50 

5.62 

2400 

115 

116 

6804 

45.2 

117 

6735 

45.2 

118 

6675 

45.2 

119 

6621 

45.2 

2.98 

5.84 

2500 

120 

121 

6430 

46.0 

122 

6280 

46.0 

123 

6240 

46.0 

124 

6160 

46.0 

3.68 

6.03 

2550 

125 

126 

5960 

46.0 

127 

5850 

46.0 

128 

5760 

46.0 

129 

5680 

46.0 

4.41 

6.12 

2600 

130 

131 

5440 

46.2 

132 

5287 

46.2 

133 

5130 

46.2 

134 

4940 

46.2 

5.53 

6 . 16 

E 

% 


48 


48 


48 


49 


48 


48 


47 


47 


47 


HOLE  NO.  13  -  DEPTH  50  ft. 


1  b3 


Inorganic  silty  clay  of  low  plasticity;  dark  clay  varves 
easily  trimmed  and  worked  but  light  silt  varves  very  brittle 
and  friable;  sample  breakes  along  light  colored  varves  unless 
handled  carefully;  varves  very  distinct  with  no  evidence  of 
distortion. 


Liquid  limit 

=  48.1 

7o 

Plasticity  index 

=  26.7 

% 

Natural  moisture  content 

=  32.8 

7o 

Cell  pressure 

=  110 

psi 

Length  of  sample 

=  7.00 

inches 

Zero  reading  on  pore  pressure  gauge 

=  2.8 

psi 

Elapsed 

Time 
(mins  ) 

Burette 

Reading 

(ml) 

0.0 

0.0 

0.25 

2.4 

0.5 

3.0 

1 

3.6 

2 

4.4 

4 

5.8 

8 

7.9 

20 

12.7 

45 

19.6 

105 

30.2 

330 

46.4 

420 

51.3 

600 

53.5 

1130 

56.4 

1500 


57.1 


. 


. 

.  , 

a 
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HOLE  NO.  13  -  DEPTH  50  ft. 


1  b4 


Load  on 
Pan 

(grams) 

Elapsed 

Time 

(mins) 

Dial 

Reading 

(0.0001") 

Pore  Pressure 
Gauge 
(psi) 

Strain 

7o 

0 

0 

8641 

4.8 

100 

0 

1 

8604 

4.0 

2 

8603 

4.0 

3 

8602 

4.0 

4 

8601 

4.0 

0.06 

200 

5 

6 

8561 

6.4 

7 

8561 

6.4 

8 

8560 

6.2 

9 

8560 

6 . 0 

0.12 

300 

10 

11 

8530 

8.4 

12 

8527 

8.4 

13 

8523 

8.4 

14 

8521 

8.4 

0.17 

400 

15 

16 

8493 

10.2 

17 

8490 

10.2 

18 

8487 

10.2 

19 

8485 

10.2 

0.22 

500 

20 

21 

8450 

12.6 

22 

8445 

12.6 

23 

8440 

12.6 

24 

8438 

12.6 

0.29 

600 

25 

26 

8392 

15.2 

27 

8390 

15.2 

28 

8389 

15.2 

29 

8387 

15.2 

0.36 

700 

30 

31 

8343 

18.6 

32 

8338 

18.6 

33 

8335 

18.8 

34 

8332 

18.8 

0.44 

800 

35 

36 

8602 

21.0 

37 

8596 

21.0 

38 

8593 

21.0 

39 

8290 

21.0 

0 . 50 

900 

40 

41 

3244 

23.8 

42 

8237 

24.0 

43 

8232 

24.0 

44 

8227 

24.0 

0.59 

Deviator 

Stress 

kg/  cm2 


0.25 


0.50 


0.75 


1.00 


1.25 


1.50 


1.75 


2.00 


E 

% 


32 


46 


52 


52 


55 


58 


65 


64 


2.25 


66 


Load  ( 

Pan 

(gram; 

1000 

1100 

1200 

1300 

1400 

1500 

1600 

1700 

1800 


HOLE  NO.  13  -  DEPTH  50  ft. 


1  i> ;» 


apsed 

Dial 

Pore  Pressure 

Deviator 

’ime 

Reading 

Gauge 

Strain 

Stress 

A 

tins) 

(0.0001") 

(psi) 

% 

kg/ cm2 

% 

45 

46 

8171 

27.2 

47 

8160 

27.2 

48 

8149 

27.4 

49 

8145 

27.4 

0.71 

2.49 

69 

50 

51 

8100 

29.6 

52 

8082 

29.6 

53 

8068 

29.8 

54 

8057 

29.8 

0.83 

2.74 

69 

55 

56 

7982 

32.8 

57 

7960 

32.4 

58 

7942 

32.2 

59 

7928 

32.0 

1.02 

2.99 

69 

60 

61 

7878 

34.6 

62 

7860 

34.6 

63 

7846 

34.8 

64 

7836 

34.8 

1.15 

3.22 

70 

65 

66 

7758 

37.0 

67 

7733 

36.8 

68 

7713 

36.8 

69 

7698 

36.8 

1.35 

3.47 

69 

70 

71 

7600 

39.0 

72 

7582 

38.8 

73 

7568 

38.8 

74 

7557 

38.8 

1.55 

3.70 

69 

75 

76 

7502 

40.6 

77 

7465 

40.6 

78 

7420 

40.6 

79 

7390 

40.6 

1.79 

3.94 

68 

80 

81 

7289 

42.2 

82 

7195 

42.2 

83 

7133 

42.0 

84 

7092 

42.0 

2.22 

4.16 

66 

85 

86 

5870 

44.4 

87 

5617 

43.8 

4.52 

4.30 

68 

HOLE  MO.  10  -  DEPTH  60  ft. 


Ib6 


Inorganic  medium  plastic  clay;  varves  completely  distorted; 
small  patches  of  friable  fine  sand  present. 


Liquid  limit  =  69.2  7o 
Plasticity  index  =  44.1  °L 
Natural  moisture  content  =  26.2  % 


Cell  pressure  =  110  psi 

Length  of  sample  =  6.69  inches 

Zero  reading  on.  pore  pressure  gauge  =  2.0  psi 


Elapsed 

Time 

(mins) 

Burette 

Reading 

(ml) 

0.0 

0.0 

0.25 

2.8 

0.5 

4.0 

1 

5.6 

2 

7.4 

3.5 

9.3 

8 

12.7 

15 

15.9 

30 

20.2 

70 

26.2 

160 

32.0 

350 

37.0 

810 

41.1 

1840 

44.1 

1  b  7 


Load  on 
Pan 

(grams) 

Elapsed 

Time 

(mins) 

HOLE  NO. 

10  -  DEPTH  60 

ft. 

Dial 

Reading 

(0.0001") 

Pore  Pressure 
Gauge 
i  (psi) 

Strain 

% 

0 

0 

7665 

2.0 

100 

1 

7630 

2.7 

2 

7630 

3.0 

3 

7630 

3.1 

4 

7630 

3.2 

0.05 

200 

5 

6 

7589 

4.5 

7 

7596 

5.0 

8 

7595 

5.0 

9 

7594 

5.1 

0.11 

300 

10 

11 

7568 

6.8 

12 

7564 

7.0 

13 

7561 

7.0 

14 

7560 

7.2 

0.16 

400 

15 

16 

7538 

8.9 

17 

7533 

8.9 

18 

7530 

9.4 

19 

7528 

9.6 

Q .  21 

500 

20 

21 

7501 

11.7 

22 

7495 

11.7 

23 

7490 

11.9 

24 

7487 

11.9 

0.26 

600 

25 

26 

7451 

13.9 

27 

7442 

14.2 

28 

7439 

14.5 

29 

7434 

14.5 

0.35 

700 

30 

31 

7394 

16.9 

32 

7383 

16.9 

33 

7375 

17.1 

34 

7370 

17.3 

0.44 

800 

35 

36 

7321 

19.5 

37 

7309 

20.0 

38 

7300 

20.0 

39 

7292 

20.1 

0.56 

900 

40 

41 

7235 

22.7 

42 

7221 

22.9 

43 

7210 

22.9 

44 

7200 

23.4 

0.70 

Deviator 
Stress 
kg /cm  2  % 


0.25  32 


0.50  44 


0.75  49 


1.00  54 


1.25  56 


1.50  59 


1.75  62 


2.00  64 


2.24  67 


. 


1  b8 


HOLE  NO.  10  -  DEPTH  60  ft. 


Load  on 
Pan 

(grams) 

Elapsed 

Time 

(mins) 

Dial  Pore  Pressure 

Reading  Gauge 

(0.0001n)  (psi) 

Strain 

7o 

1000 

45 

46 

7140 

26.0 

47 

7121 

26.0 

48 

7110 

26.4 

49 

7102 

26.4 

0.84 

1100 

50 

51 

7032 

29.3 

52 

7010 

29.3 

53 

6996 

29.3 

54 

6987 

29.3 

1.01 

1200 

55 

56 

6891 

32.0 

57 

6887 

32.2 

58 

6871 

32.2 

59 

6860 

32.2 

1.21 

1300 

60 

61 

6769 

34.7 

62 

6739 

35.6 

63 

6719 

35.3 

64 

6702 

35.6 

1.44 

1400 

65 

66 

6594 

38.4 

67 

6560 

38.4 

68 

6538 

37.4 

69 

6520 

37.8 

1.71 

1500 

70 

71 

6410 

40.9 

72 

6370 

41.5 

73 

6340 

41.0 

74 

6318 

41.0 

2.01 

1500 

75 

76 

6150 

44.0 

77 

6075 

44.1 

78 

6033 

44.5 

79 

5992 

44.5 

2.50 

1700 

80 

81 

5735 

46.3 

82 

5585 

46.7 

83 

5400 

46.7 

3.39 

Deviator 
Stress  X 

kg/cm2  % 


2.49  69 


2.74  70 


2.98  72 


3.32  71 


3.36  75 


3.69  75 


3.91  77 


4.11  77 


I 


HOLE  NO.  2  -  DEPTH  25  ft. 


Inorganic  highly  plastic  clay;  varves  completely  distorted; 
small  patches  of  friable  sand  present. 


Liquid  limit  =  60.0  °L 

Plasticity  index  =  35.5  % 

Natural  moisture  content  =  31.4  % 

Cell  pressure  =  100  psi 

Length  of  sample  =  6.96  inches 

Zero  reading  on  pore  pressure  gauge  =  2.6  psi 


Pore 


Elapsed  Burette 
Time  Reading 

(mins)  (ml) 

Dial 

Reading 

(0.0001M) 

Pore  Pressure 
Gauge  Reading 
(psi) 

Pressure 

Dissipation 

(psi) 

Dissipation 

% 

0.0 

0.0 

9020 

97.8 

0.0 

0.0 

0.25 

4.5 

8962 

93.5 

4.3 

4.5 

0.5 

6.1 

8941 

92.2 

5.6 

5.9 

1 

8.5 

8920 

90.5 

7.3 

7.7 

2 

10.8 

8875 

88.2 

9.6 

10.0 

4 

13.7 

8809 

86.0 

11.8 

12.4 

10 

18.5 

8859 

81.0 

16.8 

17.7 

15 

21.7 

8761 

76.6 

21.2 

22.3 

30 

27.8 

8535 

69.6 

28.2 

29.7 

60 

35.2 

8269 

60.6 

37.2 

39.2 

100 

41.6 

8042 

50.6 

47.2 

49.7 

200 

50.3 

7792 

36.6 

61.2 

64.4 

300 

54.5 

7618 

26.0 

71.8 

75.6 

400 

56.4 

7534 

18.4 

79.4 

83.4 

1035 

61.8 

7393 

6.0 

91.8 

96.7 

1900 

63.5 

7354 

4.6 

93.2 

98.2 

3320 

65.1 

7335 

3.4 

94.4 

99.4 

[-IOLE  NO.  2  -  DEPTH  25  ft. 


Pore  pressure/cell  pressure  relationship  under  undrained 
conditions.  Zero  reading  on  pore  pressure  gauge  =  2.8  psi. 

Cell  Pressure  Pore  Pressure  U  =  U-i-2.8 

Gauge  Gauge  --  Ui  B 

(psi)  (psi)  (psi)  % 


15 

14.0 

11.2 

90.3 

20 

18.8 

16.0 

92.0 

25 

23.4 

20.6 

91.2 

30 

29.0 

26.2 

95.0 

35 

34.0 

31.2 

95.2 

40 

38.8 

36.0 

95.8 

45 

44.0 

41.2 

95.4 

50 

49.0 

46.2 

96.8 

55 

53.8 

51.0 

96.3 

60 

58.2 

55.4 

96.3 

65 

63.4 

60.6 

96.8 

70 

68.4 

65.6 

97.1 

75 

73.2 

70.4 

97.1 

80 

78.2 

75.4 

97.2 

85 

83.0 

80.2 

97.4 

90 

88.2 

85.4 

97.6 

95 

93.6 

90.6 

97.5 

100 

98.2 

95.4 

97.6 

These  5  psi  increments  of  cell  pressure  were  applied  every 
30  seconds.  The  drainage  connection  was  not  opened  for  120 
minutes  during  which  period  the  pore  pressure  gauge  reading 
dropped  from  98.2  to  96.0  thereby  changing  the  B  value  from 
97.6%  to  95.370.  The  gauge  calibration  chart  was  used  to 
correlate  the  readings  in  the  calculation  of  B. 


HOLE  NO.  2  -  DEPTH  25  ft. 


IV  i 


Load  on 
Pan 

(grams) 

Elapsed 

Time 

(mins) 

Dial 

Reading 

(0.0001") 

Pore  Pressure 
Gauge 
(psi) 

Strain 

% 

Deviator 

Stress 

kg/ cm2 

0 

0 

7335 

3.2 

100 

0 

1 

7319 

5.6 

2 

7319 

5.6 

3 

7319 

5.6 

4 

7319 

5.6 

0.02 

0.25 

200 

5 

6 

7310 

8.8 

7 

7308 

8.6 

8 

7305 

7.4 

9 

7305 

7.4 

0.04 

0.50 

300 

10 

11 

7291 

10.2 

12 

7290 

10.0 

13 

7289 

9.6 

14 

7288 

9.6 

0.07 

0.75 

400 

15 

16 

7278 

12.0 

17 

7272 

12.0 

18 

7268 

12.0 

19 

7267 

12.0 

0.10 

1.00 

500 

20 

21 

7242 

14.4 

22 

7241 

14.0 

23 

7237 

14.2 

24 

7236 

14.2 

0.14 

1.26 

600 

25 

26 

7199 

17.2 

27 

7194 

17.2 

28 

7190 

17.2 

29 

7188 

17.0 

0.21 

1.50 

700 

30 

31 

7153 

20.0 

32 

7146 

20.0 

33 

7140 

20.0 

34 

7137 

20.0 

0.28 

1.75 

800 

35 

36 

7090 

23.0 

37 

7080 

23.0 

38 

7075 

22.8 

39 

7071 

22.8 

0.38 

2.00 

900 

40 

41 

7011 

25.0 

42 

7006 

25.0 

43 

7000 

24.8 

44 

6990 

24.8 

0.48 

2.25 

£ 

70 


68 


60 


60 


62 


61 


65 


67 


69 


68 


Load  on 
Pan 

(grains) 

1000 


1100 


1200 


1300 


HOLE  NO.  2  -  DEPTH  25  ft. 


Elapsed 

Time 

(mins) 


Dial  Pore  Pressure 
Reading  Gauge  Strain 

(0.0001")  (psi)  % 


Deviator 
Stress 
kg/ cm2 


£ 

7o 


45 

46 

6889 

28.4 

47 

6867 

28.4 

48 

6845 

28.6 

49 

6S30 

28.6 

0.71 

50 

51 

6654 

33.0 

52 

6585 

33.0 

53 

6528 

33.0 

54 

6483 

33.0 

1.19 

55 

56 

5910 

36.6 

57 

5690 

36.8 

58 

5500 

37.0 

59 

5370 

37.0 

2.75 

60 

61 

4430 

39.4 

62 

4100 

39.0 

63 

3900 

39.0 

64 

3670 

38.8 

5.12 

2.50  72 


2.73  77 


2.92  82 


3.10 


81 


HOLE  NO.  2  -  DEPTH  45  ft. 


173 


Inorganic  medium  plastic  clay;  varves  completely  distorted; 
small  pockets  of  fine  friable  sand  present;  sample  had  to  be 
handled  with  care  to  avoid  breaking  along  occasional  coarse 
grained  varve. 

Liquid  limit  =  54.2  % 

Plasticity  index  =  32.5  % 

Natural  moisture  content  =  24.7  % 


Cell  pressure  = 
Length  of  sample  = 
Zero  reading  on  pore  pressure  gauge  = 


110  psi 
6.50  inches 
2.4  psi 


Pore 


Elapsed 

Time 

(mins) 

Burette 

Reading 

(ml) 

Pore  Pressure 
Gauge 
(psi) 

Pressure 

Dissipation 

(psi) 

Dissipation 

7o 

0.0 

0.0 

92.4 

0.0 

0.0 

0.25 

2.5 

86.0 

6.4 

7.1 

0.5 

3.0 

79.0 

13.4 

14.9 

1 

3.8 

74.0 

18.4 

20.4 

2 

4.9 

68.0 

26.4 

29.6 

4 

6.4 

61.0 

31.4 

34.9 

8 

8.5 

54.0 

38.4 

43.1 

15 

11.1 

48.0 

44.4 

49.3 

30 

14.8 

40.6 

51.8 

57.6 

60 

19.2 

32.0 

60.4 

67.0 

90 

22.4 

26.0 

66.4 

73.7 

120 

24.6 

22.0 

70.4 

78.2 

150 

26.2 

18.8 

73.6 

81.8 

180 

27.6 

16.2 

76.2 

84.7 

300 

30.9 

10.6 

81.8 

90.9 

730 

36.6 

5.0 

87.4 

97.1 

1250 

38.0 

3.6 

88.8 

98.7 

1860 

38.6 

3.4 

89.0 

98.9 

17  4 


Load  on 
Pan 

(grams) 


0 

100 


200 


300 


400 


500 


600 


700 


800 


HOLE  NO.  2  -  DEPTH  45  ft. 


Elapsed  Dial  Pore  Pressure 
T  ime  Re  ad in  g  G au ge 

(mins)  (0.0001")  (psi) 


0 

8825 

3.0 

0 

1 

8812 

3.6 

2 

8812 

3.6 

3 

8812 

3.6 

4 

8812 

3.6 

5 

6 

8795 

3.6 

7 

8785 

3.6 

8 

8780 

3.6 

9 

8799 

3.6 

10 

11 

8788 

4.0 

12 

8787 

4.0 

13 

8786 

4.0 

14 

8786 

4.0 

15 

16 

8750 

4.4 

17 

8770 

4.4 

18 

8770 

4.4 

19 

8770 

4.4 

20 

21 

8758 

5.0 

22 

8755 

5.2 

23 

8752 

5.4 

24 

8750 

5.4 

25 

26 

8735 

5.8 

27 

8730 

5.0 

28 

8728 

5.2 

29 

8724 

5.2 

30 

31 

8700 

6.0 

32 

8695 

6.2 

33 

8692 

6.4 

34 

8689 

6.4 

35 

36 

8661 

7.2 

37 

8656 

7.4 

38 

8650 

7.6 

39 

8647 

7.8 

40 

8643 

8.0 

41 

8639 

8.2 

42 

8635 

8.2 

43 

8633 

8.4 

44 

8631 

8.6 

Deviator 

Strain  Stress  A 

%  kg/ cm2  % 


0.02  0.25  2 


0.04  0.50  8 


0.06  0.75  9 


0.08  1.00  10 


0.12  1.26  11 


0.16  1.50  13 


0.22  1.75  22 


0.30 


2.00  22 


\ 

. 

. 


i 


•  . 


. 

■ 

. 

'  . 


HOLE  NO.  2  -  DEPTH  45  ft. 


IV  o 


Load  on 
Pan 

(grams) 

Elapsed 

Time 

(mins) 

Dial 

Reading 

(0.0001” 

Pore  Pressure 
Gauge 
(psi) 

Strain 

7o 

900 

45 

46 

8604 

9.2 

47 

8599 

9.6 

48 

8593 

9.8 

49 

8589 

10.0 

0.36 

1000 

50 

51 

8553 

10.8 

52 

8543 

11.0 

53 

8535 

11.6 

54 

8528 

11.8 

0.46 

1100 

55 

56 

8550 

12.4 

57 

8474 

13.0 

58 

8467 

13.0 

59 

8460 

13.2 

0.56 

1200 

60 

61 

8406 

14.6 

62 

8393 

14.8 

63 

8383 

15.0 

64 

8376 

15.4 

0.69 

1300 

65 

66 

8319 

17.0 

67 

8303 

17.2 

68 

8292 

17.6 

69 

8282 

17.8 

0.84 

1400 

70 

71 

8222 

19.4 

72 

8208 

19.8 

73 

8194 

20.0 

74 

8185 

20.2 

0.98 

1500 

75 

76 

8118 

22.0 

77 

8100 

22.4 

78 

8086 

22.6 

79 

8075 

23.0 

1.15 

1600 

80 

81 

7998 

24.0 

82 

7982 

24.4 

83 

7967 

24.8 

84 

7954 

25.0 

1.34 

1700 

85 

86 

7883 

26.2 

87 

7862 

26.6 

88 

7846 

27.0 

89 

7834 

27.0 

1.52 

Deviator 
Stress  S 

kg/ cm2  % 


2.25  24 


2.50  26 


2.74  28 


2.98  31 


3.23  33 


3.47  36 


3.72  39 


3.95  40 


4.19  41 


Load  on 
Pan 

(grams) 

1800 


1900 


2000 


2100 


2200 


2300 


2400 


2500 


2600 


Ipv  r» 

i  b 


HOLE  NO. 

2  -  DEPTH  45 

ft. 

Elapsed 

Dial 

Pore  Pressure 

Time 

Reading 

Gauge 

Strain 

(mins) 

(0.0001") 

(psi) 

7o 

90 

91 

7760 

28.6 

92 

7732 

29.0 

93 

7713 

29.4 

94 

7700 

29.4 

1.73 

95 

96 

7605 

31.2 

97 

7579 

31.6 

98 

7558 

31.8 

99 

7543 

31.8 

1.97 

100 

101 

7423 

33.6 

102 

7385 

33.8 

103 

7353 

34.0 

104 

7330 

34.0 

2.30 

105 

106 

7193 

35.6 

107 

7158 

35.8 

108 

7122 

36.0 

109 

7199 

36.2 

2.50 

110 

111 

6970 

37.6 

112 

6925 

37.8 

113 

6888 

38.0 

114 

6860 

38.0 

3.02 

115 

116 

6760 

39.4 

117 

6939 

39.8 

118 

6600 

39.8 

119 

6575 

39.8 

3.46 

120 

121 

6400 

41.0 

122 

6342 

41.0 

123 

6295 

41.0 

124 

6260 

41.0 

3.95 

125 

126 

6062 

42.2 

127 

5990 

42.4 

128 

5930 

42.4 

129 

5880 

42.4 

4.53 

130 

131 

5635 

43.6 

132 

5550 

43.0 

133 

5485 

41.8 

134 

5428 

41.6 

5.23 

Deviator 

Stress 

kg/ cm2 


A 

7o 


4.43  43 


4.67  44 


4.90  45 


5.14  46 


5.38  47 


5.62  47 


5.86  46 


6.10  46 


6.34  45 


HOLE  NO.  2  -  DEPTH  45  ft. 


Load  on 
Pan 

(grams) 

2700 


2800 


177 


Elapsed 

Time 

(mins) 


Dial  Pore  Pressure  Deviator 

Reading  Gauge  Strain  Stress 
(0.0001n)  (psi)  %  kg/ cm2 


A 

% 


135 

136 

5110 

43.4 

137 

5010 

43.6 

138 

4895 

43.8 

139 

4800 

43.8 

6.19 

6.57 

44 

140 

141 

4500 

44.6 

142 

4200 

44.8 

143 

4000 

44.6 

7.43 

6.82 

43 

144 

145 

3500 

45.6 

8.19 

7.06 

43 

2900 


HOLE  NO.  9  -  DEPTH  11  ft. 


178 


Inorganic  silty  clay  of  low  plasticity;  varves  completely 
distorted,  patches  of  fine  friable  sand  present. 

Liquid  Limit  =  48.3  % 
Plasticity  index  =  27 .1  % 
Natural  moisture  content  =  23.2  % 


Cell  pressure 
Length  of  sample 

Zero  reading  on  pore  pressure  gauge 


100  psi 
7.05  inches 
2.8  psi 


Pore 

Elapsed  Burette  Dial  Pore  Pressure  Pressure 

Time  Reading  Reading  Gauge  Reading  Dissipation  Dissipation 
(mins)  (ml)  (0.00015-)  (psi)  (psi)  % 


0.0 

0.0 

9945 

96.2 

0.0 

0.0 

0.25 

1.9 

9905 

95.2 

1.0 

1.1 

0.50 

2.6 

9900 

94.8 

1.4 

1.5 

1 

3.7 

9885 

94.2 

2.0 

2.2 

2 

5.4 

9870 

93.4 

2.8 

3.0 

4 

7.8 

9845 

91.0 

4.9 

5.3 

8 

11.1 

9798 

87.6 

8.6 

9.3 

15 

14.8 

9735 

82.4 

13.8 

14.9 

30 

19.8 

9625 

75.0 

21.2 

22.9 

60 

25.5 

9490 

63.8 

32.4 

35.0 

100 

29.6 

9390 

52.6 

43.6 

47.1 

150 

32.7 

9314 

43.4 

52.8 

57.0 

200 

36.2 

9260 

60.0 

60.0 

64.7 

300 

37.6 

9193 

28.4 

67.8 

73.1 

500 

41.0 

9120 

18.4 

77.8 

84.0 

1000 

44.7 

9040 

9.0 

87.2 

94.0 

1700 

46.5 

9010 

5.8 

90.4 

97.2 

HOLE  NO.  9  -  DEPTH  11  ft. 


Pore  pressure/cell  pressure  relationship  under  undrained 
conditions.  Zero  reading  on  pore  pressure  gauge  =  2.8  psi. 


Cell  Pressure 
Gauge 
(psi) 

Pore  Pressure 
Gauge  —  U-i 
(psi) 

U  =  Uj^-2.8 

(psi) 

B 

% 

20 

19.4 

16.6 

95.5 

25 

24.2 

21.4 

94.7 

30 

29.8 

27.0 

97.9 

35 

34.6 

31.8 

97.0 

40 

39.4 

36.6 

97.4 

45 

44.4 

41 . 6 

96.3 

50 

49.6 

46.8 

98.0 

55 

54.6 

51.8 

97.8 

60 

59.0 

56.2 

97.6 

65 

64.0 

61.2 

97.8 

70 

69.0 

66.2 

97.9 

75 

73.8 

71.0 

97.9 

80 

78.6 

75.8 

97.7 

85 

83.8 

81.0 

98.8 

90 

88.4 

85.6 

97.8 

95 

94.0 

91.2 

98.1 

100 

98.6 

95.8 

98.0 

These  5  psi  increments  of  cell  pressure  were  applied  every 
30  seconds.  The  drainage  connection  was  not  opened  for  30 
minutes  during  which  period  the  pore  pressure  gauge  reading 
dropped  from  S3. 6  to  96.2  thereby  changing  the  B  value  from 
98.0%  to  95.57,.  The  gauge  calibration,  chart  was  used  to 
correlate  the  readings  in  the  calculation  of  B. 


HOLE  NO.  9  -  DEPTH  11  ft. 


Load  on 
Pan 

(grams) 

Elapsed 
Time 
(  mins) 

Dial  Pore  Pressure 

Reading  Gauge 

(0.0001")  (psi) 

Strain 

7o 

Deviator 

Stress 

kg/cm^ 

£ 

% 

0 

0 

9008 

5.8 

100 

0 

1 

9000 

6.4 

2 

9000 

6.4 

3 

9000 

6.4 

4 

9000 

6.4 

0.01 

0.25 

44 

200 

5 

6 

8989 

7.2 

7 

8989 

7.2 

8 

8988 

7.4 

9 

8987 

7.4 

0.03 

0.50 

36 

300 

10 

11 

8973 

8.6 

12 

8972 

8.8 

13 

8970 

9.0 

14 

8969 

9.0 

0.05 

0.75 

31 

400 

15 

16 

8953 

10.4 

17 

8950 

10.6 

18 

8949 

10.8 

19 

8948 

11.0 

0.09 

1.01 

37 

500 

20 

21 

8929 

12.2 

22 

8926 

12.4 

23 

8923 

12.4 

24 

8921 

12.4 

0.12 

1.26 

37 

600 

25 

26 

8900 

13.8 

27 

8896 

13.8 

28 

8892 

14.0 

29 

8890 

14.0 

0.17 

1.50 

39 

700 

30 

31 

8862 

16.0 

32 

8858 

16.2 

33 

8850 

16.4 

34 

8847 

16.6 

0.23 

1.75 

43 

800 

35 

36 

8818 

18.4 

37 

8810 

18.6 

38 

8805 

18.6 

39 

8800 

18.6 

0.30 

2.00 

45 

900 

40 

41 

8760 

20.6 

42 

8746 

20.8 

43 

8736 

21.0 

181 


Load  on 
Pan. 

(grams) 

Elapsed 

Time 

(mins) 

HOLE  NO.  9  -  DEPTH  11 

Dial  Pore  Pressure 

Reading  Gauge 

(0.0001")  (psi) 

ft. 

Strain 

% 

Deviator 
Stress 
kg/  cm^ 

A 

% 

1000 

45 

46 

8659 

22.6 

47 

8635 

22.8 

48 

8620 

22.8 

49 

8608 

22.8 

0.57 

2.50 

48 

1100 

50 

51 

8480 

24.2 

52 

8435 

24.6 

53 

8398 

25.0 

54 

8370 

25.0 

0.91 

2.74 

49 

1200 

55 

56 

8210 

27.2 

57 

8155 

27.4 

58 

8120 

27.6 

59 

8096 

27.6 

1.29 

2.98 

52 

1300 

60 

61 

7940 

29.8 

62 

7880 

29.8 

63 

7843 

29.8 

64 

7813 

29.8 

1.70 

3.21 

53 

1400 

65 

66 

7655 

31.6 

67 

7580 

31.8 

68 

7530 

32.0 

69 

7500 

32.0 

2.14 

3.44 

54 

1300 

70 

71 

7280 

33.2 

72 

7170 

33.4 

73 

7050 

33.4 

74 

6900 

33.6 

2.99 

3.65 

54 

HOLE  NO.  9  -  DEPTH  80  ft. 


182 


Inorganic  silty  clay  of  low  plasticity;  varves  a  little 
distorted;  gypsum  crystals  present. 


Liquid  limit 
Plasticity  index 
Natural  moisture  content 

Cell  pressure 
Length  of  sample 


Elapsed 

Time 

(mins) 

0.0 

0.25 

0.5 

1 

2 

4 

8 

15 

35 

60 

125 

260 

440 

700 

1320 


=  41.2  7o 

=  19.0  % 

=  20.9  7o 

=  100  psi 

=  5.00  inches 


Burette 

Reading 

(ml) 

0.0 

1.5 
2.0 

2.6 
3.5 
4.7 
6.3 
8.1 

10.9 

12.7 
15.3 

17.7 
18.6 
19.1 
19.5 


HOLE  NO.  9  -  DEPTH  80  ft 


18b 


Load  on 

Elapsed 

Dial 

Dev iator 

Pan 

Time 

Reading 

(0.0001") 

Strain 

Stress 

(grams) 

(mins) 

% 

kg/ cm^ 

0 

0 

7262 

100 

1 

2 

7226 

0.04 

0.25 

200 

3 

4 

7192 

0.08 

0.50 

300 

5 

6 

7101 

0 ;  13 

0.75 

400 

7 

8 

7069 

0.17 

1.00 

500 

9 

10 

7041 

0.21 

1.26 

600 

11 

12 

7019 

0.25 

1.51 

700 

13 

14 

6998 

0.30 

1.75 

300 

15 

16 

6977 

0.34 

2.00 

900 

17 

18 

6955 

0.38 

2.25 

1000 

19 

20 

6930 

0.43 

2.50 

1100 

21 

22 

6900 

0.49 

2.75 

1200 

23 

24 

6869 

0.55 

3.00 

1300 

25 

26 

6833 

0.63 

3.24 

1400 

27 

28 

6800 

0.69 

3.49 

1500 

29 

30 

6762 

0.77 

3.74 

1600 

31 

32 

6719 

0.85 

3.98 

1700 

33 

34 

6677 

0.94 

4.22 

1800 

35 

36 

6630 

1.03 

4.47 

1900 

37 

38 

6590 

1.11 

4.71 

2000 

39 

40 

6542 

1.21 

4.96 

2100 

41 

42 

6496 

1.30 

5.21 

2200 

43 

44 

6448 

1.40 

5.45 

184 


HOLE  NO.  9  -  DEPTH  80  ft. 


Load  on 

Pan 

(grains) 

Elapsed 

Time 

(mins) 

Dial 

Reading 

(0.0001*) 

Strain 

% 

Deviator 

Stress 

kg/ cm2 

2300 

45 

46 

6400 

1.49 

5.69 

2400 

47 

48 

6350 

1.59 

5.93 

2500 

49 

50 

6299 

1.69 

6.17 

2600 

51 

52 

6247 

1.80 

6.40 

2700 

53 

54 

6190 

1.91 

6.65 

2800 

55 

56 

6132 

2.03 

6.88 

2900 

57 

58 

6070 

2.15 

7.12 

3000 

59 

60 

6016 

2.26 

6.35 

3150 

61 

62 

5938 

2.41 

7.59 

3200 

63 

64 

5865 

2.56 

7.82 

3300 

65 

66 

5771 

2.75 

8.05 

3400 

67 

68 

5678 

2.93 

8.27 

3500 

69 

70 

5560 

3.17 

8.49 

3600 

71 

72 

5414 

3.46 

8.71 

3700 

73 

74 

5220 

3.85 

8.91 

3800 

75 

76 

4890 

4.51 

9.08 

HOLE  NO.  10  -  DEPTH  70  ft. 


Inorganic  medium  plastic  clay;  varves  inclined  at  30  degrees 
to  the  horizontal,  are  a  little  distorted;  pockets  of  dry 


fine  sand  present. 

Liquid  limit 

Plasticity  index 

Natural  moisture  content 

=  65.0  % 

=  3d. 5  % 

=  2d .3  % 

Cell  pressure 

Length  of  sample 

=  100  psi 

=  6.22  inches 

Elapsed 

Burette 

Time 

(mins) 

Reading 

(ml) 

0.0 

0.0 

0.25 

1.4 

0.5 

1.8 

1 

2.4 

2 

3.2 

4 

4.9 

8 

6.2 

15 

8.0 

30 

10.3 

60 

12.7 

150 

16.0 

360 

18.4 

700 

19.9 

1100 

20.8 

. 


HOLE  NO.  10  -  DEPTH  70  ft. 
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Load  on 
Pan 

(grams) 

Elapsed 

Time 

(mins) 

Dial 

Reading 

(0.0001") 

Strain 

% 

Deviator 
Stress 
kg/ cm2 

0 

0 

8546 

100 

0 

1 

8542 

0.01 

0.25 

200 

2 

3 

8534 

0.02 

0.50 

300 

4 

5 

8524 

0.04 

0.75 

400 

6 

7 

8510 

0.06 

1.00 

500 

8 

9 

8490 

0.09 

1.26 

600 

10 

11 

8467 

0.13 

1.51 

700 

12 

13 

8435 

0.18 

1.75 

800 

14 

15 

8401 

0.23 

2.01 

900 

16 

17 

8360 

0.30 

2.26 

1000 

18 

19 

8312 

0.38 

2.50 

1100 

20 

21 

8261 

0.46 

2.75 

1200 

22 

23 

8197 

0.56 

2.99 

1300 

24 

25 

8129 

0.67 

3.24 

1400 

26 

27 

8060 

0.78 

3.49 

1500 

28 

29 

7980 

0.91 

3.73 

1600 

30 

31 

7890 

1.06 

3.97 

1700 

32 

33 

7800 

1.20 

4.21 

1800 

34 

35 

7715 

1.34 

4.46 

1900 

36 

37 

7625 

1.48 

4.70 

2000 

38 

39 

7530 

1.63 

4.94 

2100 

40 

41 

7430 

1.80 

5.17 

2200 

42 

43 

7335 

1.95 

5.42 

2300 

44 

45 

7230 

2.12 

5.65 

18  V 


HOLE 

NO.  10  -  DEPTH 

70  ft. 

Load  on 

Elapsed 

Dial 

Deviator 

Pan 

Time 

Reading 

Strain 

Stress 

(grams) 

(mins) 

(0.0001") 

% 

kg/ cm2 

2400 

46 

47 

.  7100 

2.32 

5.88 

2450 

48 

49 

7000 

2.48 

5.99 

2500 

50 

51 

6910 

2.63 

6.11 

2550 

52 

53 

6810 

2.79 

6.22 

2600 

54 

55 

6710 

2.95 

6.32 

2650 

56 

57 

6600 

3.12 

6 . 44 

2700 

58 

59 

6485 

3.31 

6.55 

2750 

60 

61 

6355 

3.52 

6.66 

2800 

62 

63 

6195 

3.78 

6.77 

2850 

64 

65 

6040 

4.03 

6.87 

2900 

66 

67 

5835 

4.36 

6.96 

2950 

68 

69 

5580 

4.77 

7.02 

3000 

70 

71 

5050 

5.62 

7.09 

I 


HOLE  NO.  13  -  DEPTH  45  ft. 
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Inorganic  silty  clay  of  low  plasticity;  varves  completely 
distorted;  many  large  stones  and  gypsum  crystals  present; 
this  sample  is  not  representative. 


Liquid  limit 
Plasticity  index 
Natural  moisture  content 


49.0  % 
28.2  % 
22.1  % 


Cell  pressure 
Length  of  sample 


100  psi 
6.60  inches 


•Elapsed 

Time 

(mins) 

'Burette 

Reading 

(ml) 

0.0 

0.0 

0.25 

1.0 

0.5 

1.4 

i 

2.0 

2 

2.8 

4 

3.8 

8 

5.2 

15 

6.9 

30 

9.0 

60 

11.6 

110 

14.0 

330 

17.6 

510 

18.8 

1215 

20.3 

2190 

21  o  2 

HOLE  NO.  13  -  DEPTH  45  ft. 
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Load  on 

Elapsed 

Dial 

Deviator 

Pan 

Time 

Reading 

Strain 

Stress 

(grains) 

(mins) 

(0.0001") 

% 

kg/ cm2 

0 

0 

8680 

100 

1 

2 

8668 

0.02 

0.25 

200 

3 

4 

8652 

0.04 

0.50 

300 

5 

6 

8635 

0.07 

0.75 

400 

7 

8 

8614 

0.10 

1.01 

500 

9 

10 

8596 

0.13 

1.26 

600 

11 

12 

8582 

0.15 

1.51 

700 

13 

14 

8565 

0.17 

1.76 

800 

15 

16 

8545 

0.20 

2.00 

900 

17 

18 

8522 

0.24 

2.26 

1000 

19 

20 

8492 

0.28 

2.50 

1100 

21 

22 

8457 

0.34 

2.76 

1200 

23 

24 

8417 

0.40 

3.00 

1300 

25 

26 

8370 

0.47 

3.25 

1400 

27 

28 

8315 

0.55 

3.50 

1500 

29 

30 

8248 

0.65 

3.74 

1600 

31 

32 

8170 

0.77 

3.98 

1700 

33 

34 

8060 

0.90 

4.23 

1800 

35 

36 

7997 

1.03 

4.47 

1900 

37 

38 

7860 

1.24 

4.71 

2000 

39 

40 

7630 

1.59 

4.94 

HOLE  NO.  13  -  DEPTH  45  ft. 


Load  on 
Pan 

(grams) 

Elapsed 

Time 

(mins) 

Dial 

Reading 

(0.0001") 

Strain 

% 

Deviator 

Stress 

kg/cm^ 

2100 

41 

42 

7230 

2.21 

5.14 

2200 

43 

44 

6840 

2.79 

5.37 

2300 

45 

46 

6230 

3.71 

5.56 

2400 

47 

48 

5120 

5.40 

5.69 

2450 

49 

50 

4200 

6.80 

5.72 

